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Preface to the second edition

The book has been updated to comply with

BS 5950: Part 1: 1990

Structural Use of Steelwork in Building

Code of Practice for Design in. Simple and Continuous Construction:
Hot Rolled Sections

A new chapter on portal design has been added to round out its contents.
This type of structure is in constant demand for warehouses. factorics and
for many other purposes and is the most common single-storey building in
usc. The inclusion of this material introduces the reader to eclastic and
plastic rigid frame design, member stability problems and design of
moment-transmitting joints.

T.J.M.

T.C.A.



Preface to the first edition

The purpose of this book is to show basic steel design to the new limit state
code BS 5950. It has been written primarily for undergraduates who will now
start learning steel design to the new code, and will also be of use to recent
graduates and designers wishing to update their knowledge.

The book covers design of elements and joints in steel construction to the
simple design method; its scheme is the same as that used in the previous book
by the principal author, Structural Steelwork Calculations and Detailing, But-
terworths, 1973. Design theory with some of the background to the code
procedures is given and separate elements and a complete building frame are
designed to show the use of the code.

The application of microcomputers in the design process is discussed and
the listings for some programs are given. Recommendations for detailing are
included with a mention of computer-aided drafting (CAD).

T.JM.
T.CA.
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1
Introduction

1.1 Steel structures

Steel frame buildings consist of a skeletal framework which carries all the
loads to which the building is subjected. The sections through three common
types of buildings are shown in Figure 1.1. There are:

(1) Single-storey lattice roof building;
(2) Single-storey rigid portal; and
(3) Medium-rise braced multi-storey building.

These three types cover many of the uses of steel frame buildings such as
factories, warehouses, offices, flats, schools, etc. A design for the lattice roof
building (Figure 1.1(a)) is given and the design of the elements for the braced
multi-storey building (Figure 1.1(c)) is also included. Design of rigid portals
has been added in the new edition.

The building frame is made up of separate elements—the beams, columns,
trusses and bracing—listed beside each section in Figure 1.1. These must be
Joined together and the building attached to the foundations. Elements are
discussed more fully in Section 1.2.

Buildings are three dimensional and only the sectional frame has been
shown in Figure 1.1. These frames must be propped and braced laterally so
that they remain in position and carry the loads without buckling out of the
plane of the section. Structural framing plans are shown in Figures 1.2 and 1.3
for the building types depicted in Figures 1.1(a) and (c).

Various methods for analysis and design have been developed over the
years. In Figure 1.1 the single-storey structure in (a) and the multi-storey
building in (c) are designed by the simple design method, while the rigid portal
in (b) is designed by the continuous design method. All design is in accordance
with the new limit state design code BS 5950: Part 1. Design theories are
discussed briefly in Section 1.4 and design methods are set out in detail in
Chapter 3.

1.2 Structural elements

As mentioned above, steel buildings are composed of distinct elements:

(1) Beams and girders—members carrying lateral loads in bending and shear;
(2) Ties—members carrying axial loads in tension;
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Figure 1.1 Three common types of steel buildings

(3) Struts, columns or stanchions—members carrying axial loads in com-
pression. These members are often subjected to bending as well as
compression;

(4) Trussesand lattice girders—framed members carrying lateral loads. These
are composed of struts and ties;

(5) Purlins—beam members carrying roof sheeting;

(6) Sheeting rails—beam members supporting wall cladding;

(7) Bracing—diagonal struts and ties that, with columns and roof trusses,
form vertical and horizontal trusses to resist wind loads and stabilize the
building.

Joints connect members together such as the joints in trusses, joints between
floor beams and columns or other floor beams. Bases transmit the loads from
the columns to the foundations.
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The structural elements are listed in igures 1.1-1.3, and the types of mem-
rs making up the various elements are discussed in Chapter 2. Some details
r a factory and a multi-storey building are shown on Figure 1 4.

1.3 Structural design

be;
fo

An architect draws up plans for a building to meet the client’s requirements.
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The structural engineer examines various alternative framing arrangements
and may carry out preliminary designs to determine which is the most
economical. This is termed the ‘conceptual design stage’. For a given framing
arrangement the problem in structural design consists of:

(1) Estimation of loading;

(2) Analysis of main frames, trusses or lattice girders, floor systems, bracing
and connections to determine axial loads, shears and moments at critical
points in all members;

(3) Design of the elements and connections using design data from step (2);

(4) Production of arrangement and detail drawings from the designer’s
sketches.

This book covers the design of elements first. Then, to show various elements
in their true context in a building, the design for the basic single-storey
structure with lattice roof shown in Figure 1.2 is given.

1.4 Design methods

Steel design may be based on three design theories:

(1) Elastic design;
(2) Plastic design; and
(3) Limit state design.

Elastic design is the traditional method. Steel is almost perfectly elastic up to
the yield point and elastic theory is a very good method on which to base
design. Structures are analysed by elastic theory and sections are sized so that
the permissible stresses are not exceeded. Design is in accordance with BS 449:
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The Use of Structural Steel in Building.

Plastic theory developed to take account of behaviour past the yield point
is based on finding the load that causes the structure to collapse. Then the
working load is the collapse load divided by a load factor. This too is
permitted under BS 449.

Finally, limit state design has been developed to take account of all con-
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Figure 1.4 Factory and multi-storey building
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ditions that can make the structure become unfit for use. The design is based
on the actual behaviour of materials and structures in use and is in accordance
with BS 5950: The Structural Use of Steelwork in Building; Part 1—Code of
Practice for Design in Simple and Continuous Construction: Hot Rolled
Sections.

The code requirements relevant to the worked problems are noted and
discussed and the complete code should be obtained and read in conjunction
with this book.

The aim of structural design is to produce a safe and economical structure
that fulfils its required purpose. Theoretical knowledge of structural analysis
must be combined with a knowledge of design principles and theory and the
constraints given in the standard to give a safe design. A thorough knowledge
of materials properties, methods of fabrication and erection is essential for the
experienced designer. The learner must start with the basics and gradually
build up experience through doing coursework exercises in conjunction with a
study of design principles and theory.

British Standards are drawn up by panels of experts from the professional
institutions, and include engineers from educational and research institutions,
consulting engineers, government authorities and the fabrication and con-
struction industries. The standards give the design methods, factors of safety,
design loads, design strengths, deflection limits and safe ‘construction
practices.

As well as the main design standard for steelwork in buildings, BS 5950:
Part 1, reference must be made to other relevant standards, including:

(1) BS 4360: Weldable Structural Steels. This gives the mechanical properties
for the various grades of structural steels.
(2) BS 6399: Part 1, Code of Practice for Dead and Imposed Loads. CP 3:
. Chapter V, Part 2, Wind Loads.

Representative loading may be taken for element design. Wind loading de-
pends on the complete building and must be estimated using the wind code.

1.5 Design calculations and computing

Calculations are needed in the design process to determine the loading on the
structure, carry out the analysis and design the elements and joints, and must
be set out clearly in a standard form. Design sketches to illustrate and amplify
the calculations are an integral part of the procedure and are used to produce
the detail drawings.

Computing now forms an increasingly larger part of design work, and all
routine calculations can be readily carried out on a microcomputer. The use of
the computer speeds up calculation and enables alternative sections to be
checked, giving the designer a wider choice than would be possible with
manual working. (Computer applications are given in Chapter 11.) However,
it is most important that students understand the design principles involved
before using computer programs.

It is through doing exercises that the student consolidates the design theory
given in lectures. Problems are given at the end of most chapters.
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1.6 Detailing

The final chapter deals with the detailing of structural steelwork. In the earlier
chapters sketches are made in design problems to show building arrange-
ments, loading on frames, trusses, members, connections and other features
pertinent to the design. It is often necessary to make a sketch showing the
arrangement of a joint before the design can be carried out. At the end of the
problem, sketches are made to show basic design information such as section
size, span, plate sizes, drilling, welding, etc. These sketches are used by the
draughtsman to produce the working drawings.

The general arrangement drawing and marking plans give the information
for erection. The detail drawings show all the particulars for fabrication of the
elements.

The draughtsman must know the conventions for making steelwork draw-
ings, such as the scales to be used, the methods for specifying members, plates,
bolts, welding, etc. He must be able to draw standard joint details and must
also have a knowledge of methods of fabrication and erection.

Computer drafting suites are becoming generally available and the student
should be given an appreciation of their use. A brief discussion of computer
drafting software has been included in this chapter.



2
Materials

2.1 Structural steels—properties

Structural steel products are manufactured to conform to BS 4360: Weldable
Structural Steels. Steel is composed of about 98 per cent of iron with the main
alloying elements carbon, silicon and manganese. Copper and chromium are

Gr

%504
2754

N/mm2

Stress

Thickness < Y6 mm

0 T 1 T
01 0.2 03 0.4
Strain

a) Stress—stran Diagrams for  Structural  Steels

Yield /

Stress |

L Plastic  Range _Jl
Elastic__ _| ! '

Stress

01 02
S train

b) Stress— Strain Diagram for Plashc Design

Figure 2.1 Stress—straia diagrams for structural steels
8
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added to produce the weather-resistant steels that do not require corrosion
protection. Steel is produced in three strength grades—43, 50 and 55. The
important properties are strength, ductility, impact resistance and weldability.

The stress-strain curves for the three grades of steel are shown in Figure
2.1(a) and these are the basis for the design methods used for steel. Elastic
design is kept within the elastic region and because steel is almost perfectly
elastic, design based on elastic theory is a very good method to use.

The stress-strain curves show a small plateau beyond the elastic limit and
then an increase in strength due to strain hardening. Plastic design is based on
the horizontal part of the stress strain shown in Figure 2.1(b).

The mechanical properties for steels are set out in BS 4360. The yield strengths
for the various grades which vary with the thickness and other important
properties are given in Section 3.7 of this book.

2.2 Design considerations

Special problems occur with steelwork and good practice must be followed to
ensure satisfactory performance in service. These factors are discussed briefly
below in order to bring them to the attention of students, although they are
not generally of great importance in the design problems covered.

2.2.1 Fatigue

Fatigue failure can occur in members or structures subjected to fluctuating
loads such as crane girders, bridges and offshore structures. Failure occurs
through progressive growth of a crack that starts at a fault and the failure load
may be well below its static value.

Welded connections have the greatest effect on the fatigue strength of steel
structures. Tests show that butt welds give the best performance in service
while continuous fillet welds are much superior to intermittent fillet welds.
Bolted connections do not reduce the strength under fatigue loading. To help
avoid fatigue failure, detail should be such that stress concentrations and
abrupt changes of section are avoided in regions of tensile stress. Cases where
fatigue could occur are noted in this book, and for further information the
reader should consult reference (1).

2.2.2 Brittle fracture

Structural steel is ductile at temperatures above 10°C but it becomes more
brittle as the temperature falls, and fracture can occur at low stresses below
0°C. The Charpy test is used to determine the resistance of steel to brittle
fracture. In this test a small specimen is broken by a hammer and the energy to
cause failure at a given temperature is measured.

In BS 4360 steels are graded A, B, C, D and E in order of increasing re-
sistance to brittle fracture. The Charpy test fracture energy is specified for the
various steel grades: for example, Grade 55 C steel is to have a minimum
fracture energy of 27 Joules 0°C.

To reduce the likelihood of brittle fracture occurring it is necessary to take
care in the selection of the steel to be used and to pay special attention to the
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design detail. Thin plates are more resistant than thick ones. Abrupt changes
of section and stress concentration should be avoided. Fillets welds should not
be laid down across tension flanges and intermittent welding should not be
used.

Cases where brittle fracture may occur in elements designed in the book are
noted. For further information the reader should consult reference 2.

2.2.3 Fire protection

Structural steelwork performs badly in fires, with the strength decreasing with
increase in temperature. At 550°C the yield stress has fallen to approximately
0.7 of its value at normal temperatures; that is, it has reached its working stress
and failure occurs under working loads.

The statutory requirements for fire protection are set out in the Building
Regulations, Approved Documents.> These lay down the fire-resistance
period that any load-bearing element in a given building must have, and also
give the fire-resistance periods for different types of fire protection. Fire pro-
tection is provided by encasing the member in a fire-resistant material such as
concrete. The main types of fire protection for columns and beams are shown
in Figure 2.2.

All multi-storey steel buildings require fire protection. Single-storey factory
buildings normally do not require fire protection for the steel frame. Further

information is given in reference 4.

Solid  Casing Hollow Casing Proﬁ Casing

Figure 2.2 Fire protection for columns and beams

2.2.4 Corrosion protection

Exposed steelwork can be severely affected by corrosion in the atmosphere,
particularly if pollutants are present, and it is necessary to provide surface
protection in all cases. The type of protection depends on the surface con-
ditions and length of life required.

The main types of protective coatings are:

(1) Metallic coatings. Either a sprayed-on coating of aluminium or zinc is
used or the member is coated by dipping it in a bath of molten zinc in the
galvanizing process.
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(2) Painting, where various systems are used. One common system consists of
using a primer of zinc chromate followed by finishing coats of micaceous
iron oxide. Plastic and bituminous paints are used in special cases.

The single most important factor in achieving a sound corrosion-protection
coating is surface preparation. Steel is covered with mill scale when it cools
after rolling, and this must be removed before the protection is applied,
otherwise the scale can subsequently loosen and break the film. Blast cleaning
makes the best preparation prior to painting. Acid pickling is used in the
galvanizing process.

Careful attention to design detail is also required (for example, upturned
channels that form a cavity where water can collect should be avoided) and
access for future maintenance should also be provided. For further in-
formation the reader should consult BS 5493: Code of Practice for Protective
Coating of Iron and Steel Structures against Corrosion.

2.3 Steel sections

2.3.1 Rolled and formed sections

Hot-rolled sections are produced in steel mills from steel billets by passing
them through a series of rolls. The main sections are shown on F igure 2.3 and
their principal properties and uses are discussed briefly below:

(1) Universal beams. These are very efficient sections for resisting bending
moment about the major axis.

(2) Universal columns. These are sections produced primarily to resist axial
load with a high radius of gyration about the minor axis to prevent
buckling in that plane.

(3) Channels. These are used for beams, bracing members, truss members and
in compound members.

(4) Equal and unequal angles. These are used for bracing members, truss
members and for purlins and sheeting rails.

(5) Structural tees. The sections shown are produced by cutting a universal
beam or column into two parts. Tees are used for truss members, ties and
light beams.

(6) Circular, square and rectangular hollow sections. These are produced
from flat plate. The circular section is made first and then this is converted
to the square or rectangular shape. These sections make very efficient
compression members, and are used in a wide range of applications as
members in lattice girders, in building frames, for purlins, sheeting rails,
etc.

Note that the range in serial sizes is given for the members shown in Figure 2.3.
A number of different members are produced in each serial size by varying the
flange, web, leg or wall thicknesses. The sizes and properties of sections are
given in the following publications:

BS 4. Structural Steel Sections
Part 1: Hot Rolled Sections
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BS 4848: Hot Rolled Structural Steel Sections
Part 2: Hollow Sections
Part 4: Equal and Unequal Angles
Steelwork Design: Guide to BS 5950: Part 1: 1985, Volume 1. Section Prop-
erties, Member Capacities, Constrado, 1985.

2.3.2 Compound sections
Compound section are formed by the following means (Figure 2.4):

r
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Figure 2.3 Rolled and formed sections
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(1) Strengthening a rolled section such as a universal beam by welding on
cover plates, as shown in Figure 2.4(a);

(2) Combining two separate rolled sections, as in the case of the crane girder
in Figure 2.4(b). The two members carry loads from separate directions.

(3) Connecting two members together to form a strong combined member.
Examples are the laced and battened members shown in Figures 2.4(c) and

(d).

4 L

a} Compound Beam

' il
" N
I
[ |
l | RN
oo
)
i
| ]
L.
b) Crane Girder t) Battened d} Laced Member

Member
Figure 2.4 Compound sections

2.3.3 Built-up sections

Built-up sections are made by welding plates together to form I, H or box
members which are termed plate girders, built-up columns box girders or
columns, respectively. These members are used where heavy loads have to be
carried and in the case of plate and box girders where long spans may be
required. Examples of built-up sections are shown in Figure 2.5.

2.3.4 Cold-rolled sections

Thin steel plates can be formed into a wide range of sections by cold rolling.
The most important uses for cold-rolled sections in steel structures are for
purlins and sheeting rails. Three common sections—the zed, sigma and lipped
channel—are shown in Figure 2.6. Reference should be made to the
manufacturer’s literature for the full range of sizes available and the section
properties.®* Some members and their properties are given in Sections 5.12.6
and 5.13.5 in design of purlins and sheeting rails.
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Figure 2.6 Cold-rolled sections

2.4 Section properties

For a given member serial size, the section properties are:

(1) The exact section dimensions;

(2) The location of the centroid if the section is asymmetrical about one or
both axes;

(3) Area of cross section;

(4) Moments of inertia about various axes;

(5) Radii of gyration about various axes;

(6) Moduli of section for various axes, both elastic and plastic.

The section properties for hot rolled and formed sections are listed in
Steelwork Design, Guide to BS 5950: Part 1: 1985, Volume 1, Section Prop-
erties, Member Capacities, Constrado, 1985.

For compound and built-up sections, the properties must be calculated
from first principles. The section properties for the symmetrical I section dim-
ensioned as shown in Figure 2.7(a) are as follows:

(1) Elastic properties:
Area A=2 BT+dt
Moment of inertia XX axis I, = BD*/12 — (B-1d*/12
Moment of inertia YY axis [, =2 TB3/12 + dr*/12
Radius of gyration XX axis rx = (Ix/A4)**
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a) Symmetrical 1-Section

X— f——x
XX  Centroidal Axis
X1 X1 Equal Aren Axis
——
b)  Asymmefrical Sections Y

Figure 2.7 Beam sections

Radius of gyration YY axis r, =(Iy/4)°
Modulus of section XX axis Zy=21L/D
Modulus of section YY axis Z, =2 I/B

(2) Plastic moduli of section:

The plastic modulus of section is equal to the algebraic sum of the first
moments of area about the equal area axis. For the I section shown:

Sx=2 B T(D-T))2 + 1d%/4
S, =2 T B*/4+dr*/4

For asymmetrical sections such as those shown in Figure 2.7(b) the neutral
axis must be located first. In elastic analysis the neutral axis is the centroidal
axis while in plastic analysis it is the equal area axis. The other properties may
then be calculated using procedures from strength of materials.® Calculations
of properties for unsymmetrical sections are given in various parts of this
book.

Other properties of universal beams, columns, joists and channels, used for
determining the buckling resistance moment are:
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Buckling parameter (x)
Torsional index (x)
Warping constant (H)
Torsional constant (J)

These properties may be calculated from formulae given in Appendix B of BS
5950: Part 1 or taken from tables in the Guide to BS 5950: Part 1, Volume 1,
Constrado. (See Section 5.5.)




3
Limit state design

3.1 Limit state design principles

The central concepts of limit state design are that:

(1) All the separate conditions that make the structure unfit for use are taken
into account. These are the separate limit states.

(2) The design is based on the actual behaviour of materials and performance
of structures and meémbers in service.

(3) Ideally, design should be based on statistical methods with a small proba-
bility of the structure reaching a limit state.

The three concepts are examined in more detail below.

Requirement (1) means that the structure should not overturn under ap-
plied loads and its members and joints should be strong enough to carry
the forces to which they are subjected. In addition, other conditions such as
excessive deflection of beams or unacceptable vibration, though not in fact
causing collapse, should not make the structure unfit for use.

In concept (2) the strengths are calculated using plastic theory and post-
buckling behaviour is taken into account. The effect of imperfections on
design strength is also included. It is recognized that calculations cannot be
made in all cases to ensure that limit states are not reached. In cases such as
brittle fracture, good practice must be followed to ensure that damage or
failure does not occur. A

Concept (3) implies recognition of the fact that loads and material strengths
vary, approximations are used in design and imperfections in fabrication and
erection affect the strength in service. All these factors can only be realistically
assessed in statistical terms. However, it is not yet possible to adopt a complete
probability basis for design, and the method adopted is to ensure safety by
using suitable factors. Partial factors of safety are introduced to take account
of all the uncertainties in loads, materials strengths, etc. mentioned above.
These are discussed more fully below.

3.2 Limit states for steel design

The limit states for which steelwork is to be designed are set out in Section 2 of
BS 5950: Part I. These are as follows.

17
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3.2.1 Ultimate limit states

(1) Strength (including general yielding, rupture, buckling and transform-
ation into a mechanism);

(2) Stability against overturning and sway;

(3) Fracture due to fatigue;

(4) Brittle fracture.

When the ultimate limit states are reached, the whole structure or part of it
collapses.

3.2.2 Serviceability limit states

(5) Deflection;

(6) Vibration (for example, wind-induced oscillation);
(7) Repairable damage due to fatigue;

(8) Corrosion and durability.

The serviceability limit states, when reached, make the structure or part of it
unfit for normal use but do not indicate that collapse has occurred.

All relevant limit states should be considered, but usually it will be appro-
priate to design on the basis of strength and stability at ultimate loading and
then check that deflection is not excessive under serviceability loading. Some
recommendations regarding the other limit states will be noted when appro-
priate, but detailed treatment of these topics is outside the scope of this book.

3.3 Working and factored loads
3.3.1 Working loads

The working loads (also known as the specified, characteristic or nominal
loads) are the actual loads the structure is designed to carry. These are norm-
ally thought of as the maximum loads which will not be exceeded during the
life of the structure. In statistical terms, characteristic loads have a 95 per cent
probability of not being exceeded. The main loads on buildings may be classi-
fied as:

(1) Dead loads. These are due to the weights of floor slabs, roofs, walls,
ceilings, partitions, finishes, services and self weight of steel. When sizes
are known, dead loads can be calculated from weights of materials or from
the manufacturer’s literature. However, at the start of a design, sizes are
not known accurately and dead loads must often be estimated from ex-
perience. The values used should be checked when the final design is
complete. For examples on element design, representative loading has
been chosen, but for the building design examples actual loads from BS
6399: Part 1 are used.

(2) Imposed loads. These take account of the loads caused by people, fur-
niture, equipment, stock, etc. on the floors of buildings and snow on roofs.
The values of the floor loads used depend on the use of the building.
Imposed loads are given in BS 6399: Part 1 for various type of buildings.

(3) Wind loads. These loads depend on the location and building size. Wind
loads are given in CP3: Chapter V: Part 2. Calculation of wind loads is
given in the examples on building design.
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(4) Dynamic loads. These are caused mainly by cranes. An allowance is made
for impact by increasing the static vertical loads and the inertia effects are
taken into account by applying a proportion of the vertical loads as hori-
zontal loads. Dynamic loads from cranes are given in BS 6399: Part 1.
Design examples show how these loads are calculated and applied to crane
girders and columns.

Other loads on the structures are caused by waves, ice, seismic effects, etc.,
and these are outside the scope of this book.

3.3.2 Factored loads for the ultimate limit states

In accordance with Section 2.4.1 of BS 5950: Part 1, factored loads are used in
design calculations for strength and stability.

Factored load = working or nominal load x relevant overall load factor y,
The overall load factor takes account of:

(1) The unfavourable deviation of loads from their nominal values; and
(2) The reduced probability that various loads will all be at their nominal
value simultaneously.

It also allows for the uncertainties in the behaviour of materials and of the
structure as opposed to those assumed in design.

The y, factors are given in Table 2 of BS 5950: Part 1 and some of the factors
are given in Table 3.1.

Table 3.1 Overall load factors y,

Loading Factors y¢

Dead load 1.
Dead load restraining uplift or overturning 1.
Dead load, wind load and imposed load 1.
Imposed load 1.
Wind load 1.
Crane loads
Vertical load I.
Vertical and horizontal load I.
I.
1.

A OANO &

Horizontal load
Crane loads and wind load

NN

Clause 2.4.1.1 of BS 5950 states that the factored loads should be applied in
the most unfavourable manner and members and connections should not fail
under these load conditions. Brief comments are given on some of the load
combinations:

(1) The main load for design of most members and structures is dead plus
imposed load.

(2) Inlight roof structures uplift and load reversal occurs and tall structures
must be checked for overturning. The load combination of dead plus wind
load is used in these cases with a load factor of 1.0 for dead and 1.4 for
wind load. 4

(3) It is improbable that wind and imposed loads will simultaneously reach
their maximum values and load factors are reduced accordingly.
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(4) It is also unlikely that the impact and surge load from cranes will reach
maximum values together and so the load factors are reduced. Again,
when wind is considered with crane loads the factors are further reduced.

3.4 Stability limit states

To ensure stability, Clause 2.4.2 of BS 5950 states that structures must be
checked using factored loads for the following two conditions:

(1) Overturning. The structure must not overturn or lift off its seat.
(2) Sway. To ensure adequate resistance two design checks are required:

(a) Design to resist the applied horizontal loads.

(b) A separate design for notional horizontal loads. These are to be taken
as the greater of 1 per cent of the factored dead loads and 0.5 per cent
of the factored dead plus imposed load, and are to be applied at the
roof and each floor level. They are to act with 1.4 times the dead and
1.3 times the imposed load.

Sway resistance may be provided by bracing rigid-construction shear walls,
stair wells or lift shafts. The designer should clearly indicate the system he is
using. In examples in this book, stability against sway will be ensured by
bracing and rigid portal action.

3.5 Structural integrity

The provisions of Section 2.4.5 of BS 5950 ensure that the structure complies
with the Building Regulations and has the ability to resist progressive collapse
following accidental damage. The main parts of the clause are summarized
below:

(1) Allstructures must be effectively tied at all floors and roofs. Columns must
be anchored in two directions approximately at right angles. The ties may
be steel beams or reinforcement in slabs. End connections must be able to
resist a factored tensile load of 75 kN for floors and 40 kN for roofs. Ties
are not required in light roofs.

(2) Additional requirements are set out for certain multi-storey buildings
where the extent of accidental damage must be limited. In general, tied
buildings will be satisfactory if the following five conditions are met:

(a) Sway resistance is distributed throughout the building;

(b) Extra tying is to be provided as specified;

(c) Column splices are designed to resist a specified tensile force;

(d) Any beam carrying a column is checked as set out in (3) below; and
(e) Precast floor units are tied and anchored.

(3) Where required in (2) the above damage must be localized by checking to
see if at any storey any single column or beam carrying a column may be
removed without causing more than a limited amount of damage. If the
removal of a member causes more than the permissible limit it must be
designed as a key element. These critical members are designed for acci-
dental loads set out in the Building Regulations.
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The complete section in the code and the Building Regulations should be
consulted.

3.6 Serviceability limit states—deflection

Deflection is the main serviceability limit state that must be considered in
design. The limit state of vibration is outside the scope of this book and fatigue
was briefly discussed in Section 2.2.1 and, again, is not covered in detail. The
protection for steel to prevent the limit state of corrosion being reached was
mentioned in Section 2.2 4.

BS 5950: Part 1 states in Clause 2.5.1 that deflection under serviceability
loads of a building or part should not impair the strength or efficiency of the
structure or its components or cause damage to the finishings. The servicea-
bility loads used are the unfactored imposed loads except in the following
cases:

(1) Dead +imposed + wind. Apply 80 per cent of the imposed and wind load.
(2) Crane surge +wind. The greater effect of either only is considered.

The structure is considered to be elastic and the most adverse combination of
loads is assumed. Deflection limitations are given in Table 5 of BS 5950: Part 1.
These are given here in Table 3.2, These limitations cover beams and
structures other than pitched-roof portal frames.

It should be noted that calculated deflections are seldom realized in the
finished structure. The deflection is based on the beam or frame steel section
only and composite action with slabs or sheeting is ignored. Again, the full
value of the imposed load used in the calculations is rarely achieved in
practice.

Table 3.2 Deflection limits

Deflection of beams due 10 unfactored imposed loads

Cantilevers Length/180
Beams carrying plaster Span/360
All other beams Span/200

Horizontal deflection of columns due to unfuctored imposed and wind loads

Tops of columns in single-storey buildings Height/300
In each storey of a building with more than one storey Story height/300
Crane gantry girders
Vertical deflection due to static wheel loads Span/600
Horizontal deflection (calculated on top flange properties

alone) due to crane surge Span/500

3.7 Design strength of materials

The design strengths for steel complying with BS 4360 are given in Section
3.1.1 of BS 5950: Part 1. Note that the material strength factor y,,, part of the
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overall safety factor in limit state design, is taken as 1.0 in the code. The design
strength may be taken as

p,= 1.0 Y5 but not greater than 0.84 Us
where Yg=minimum yield strength
Us = minimum ultimate tensile strength

For the common types of steel values of p, are given in Table 6 of the code and
reproduced in Table 3.3.

Table 3.3 Design strengths p, for steel to BS 4360

BS 4360 Thickness (mm) Sections, plates
Grade less than or and hollow sections
equal to py (Nfmm?)
43 16 275
A B, C 40 265
100 245
50 16 355
B,C 63 340
100 325
55 16 450
C 25 430
40 425

The code states that the following values for the elastic properties are to be
used:

Modulus of elasticity E=205kN/mm?
Shear modulus G= 79kN/mm?
Poisson’s ratio v=03

Coefficient of linear thermal expansion a=12x 10~ Sper °C

3.8 Design methods for buildings

The design of buildings must be carried out in accordance with one of the
methods given in Clause 2.1.2 of BS 5950. The design methods are:

(1) Simple design. In this method the connections between members are as-
sumed not to develop moments adversely affecting either the members or
structure as a whole. The structure is assumed to be pin jointed for analy-
sis. Bracing or shear walls are necessary to provide resistance to horizontal
loading.

(2) Rigiddesign. The connections are assumed to be capable of developing the
strength and/or stiffness required by an analysis assuming full continuity.
The analysis may be made using either elastic or plastic methods.

(3) Semi-rigid design. Practical joints are capabie of transmitting some
moment and the method takes this partial fixity into account. Two ap-
proaches to semi-rigid design are given:

(a) Experimental determination of joint behaviour. Some limited plas-
ticity is permitted, but the ultimate tensile capacity of the fastener is
not to be the failure criterion;
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(b) Simplified empirical method. The inter-restraint of the beams and
columns is taken as not more than 10 per cent of the free moments in
the beams. The code sets out other provisions which must be met
when using the method.

(4) Experimental verification. The code states that where the design of a
structure or element by calculation in accordance with any of the above
methods is not practicable, the strength and stiffness may be confirmed by
loading tests. The test procedure is set out in Section 7 of the code.

In practice, structures are designed to either the simple or rigid methods of
design. Semi-rigid design has never found general favour with designers.
Examples in this book are generally of the simple method of design.



4
Connections

4.1 Types of connections

Connections are needed to join:

(1) Members together in trusses and lattice girders;

(2) Plates together to form built-up members;

(3) Beams to beams, beams, trusses, bracing, etc. to columns in structural
frames; and

(4) Columns to foundations.

a) Internal  Truss Joints

b} Brackets

24
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P ey

T d) Column Base

c¢) Beam Connections
Figure 4.1 Typical connections

Some typical connections are shown on Figure 4.1. Basic connections are
considered in this chapter and end connections for beams and column bases
are treated in the chapters on beams and columns, respectively.

Connection are made by:

Bolting —ordinary bolts in clearance holes;
—friction-grip bolts;
Welding—fillet and butt welds.

4.2 Ordinary bolts

4.2.1 Bolts, nuts and washers

The ‘black’ hexagon head bolt shown in Figure 4.2 with nut and washer is the
most commonly used structural fastener. The bolts are in two strength grades
as specified in BS 4190:

Ih_ _ Leng_fﬂu_____'

Shank I

F l Thread
k RN 11

I !
Nominal Tensite
Dia. Area

Figure 4.2 Hexagon head boit, nut and washer

Grade 4.6: Mild steel : Yield stress =235 N/mm?

Grade 8.8: High-strength steel : Yield stress =627 N/mm?
The main diameters used are:

16, 20, (22), 24, (27) and 30 mm

The sizes shown in brackets are not preferred.
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4.2.2 Direct shear joints

Bolts may be arranged to act in single or double shear, as shown in Figure 43.
Provisions governing spacing, edge and end distances are set out in Section 6.2
of BS 5950, Part 1. The principal provisions in normal conditions are:

R

P B A S B o 4 4
< | ©oid |
_—I L—:?sdfarxe g:;v&lz Ls;,i L?s'nme

a) Singte Shear b) Double Shear

'

m

a
Ee |
distance

Figure 4.3 Bolts in single and double shear

(1) The minimum spacing is 2.5 times the bolt diameter;

(2) The maximum spacing in unstiffened plates in the direction of stress is 14,
where ¢ is the thickness of the thinner plate connected.

(3) The minimum edge and end distance as shown in Figure 4.3 from a rolled,
machine-flame cut or planed edge is 1.25D, where D is the hole diameter.

(4) The maximum edge distance is 11¢¢, where e=(275/p,)°*

The clause should be consulted for requirements in corrosive areas.
Note that the nominal diameters of holes for ordinary bolts are greater than
the bolt diameter by:

2mm for bolts up to 22 mm diameter
3 mm for larger-diameter bolts.

A shear joint can fail in the following four ways:

(1) By shear on the bolt shank;

(2) By bearing on the member or bolt;
(3) By tension in the member;

(4) By shear at the end of the member.

The failure modes are shown in Figure 4.4.
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a) Shearing of Bolt Shank
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b) Bearing on Plate and Bolt ¢) End Shear Failure
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d) Tension Failwe of Plate

Figure 4.4 Failure modes of a bolted joint

The failures noted above are prevented by taking the following measures:

(1) For modes 1 and 2, provide sufficient bolts of suitable diameter.

(2) For mode 3, design tension members for the effective area. (See Chapter
7)

(3) Provide sufficient end distance for mode 4.

The design of bolted joints is set out in Section 6.3 of BS 5950: Part 1. The
provisions in this section are;

(1) Effective area resisting shear A4s. Where threads occur in the shear plane:
As= Ay
where A, = tensile stress area
Where threads do not occur in the shear plane:
As =A
where 4 =shank area based on the nominal diameter.
(2) Shear capacity Pg of a bolt:
Ps=psAs

where p, = shear strength given in Table 32 in the code. (See Table 4.1).
(Note that long joints are not discussed. Refer to the code.)

(3) Bearing capacity should be taken as lesser of:

Capacity of the bolt Py, =dltpy,
where d =nominal diameter of the bolt
t  =thickness of the connected play

Preb = bearing strength of the bolt given in Table 32 in the code.
(See Table 4.1.)
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Capacity of the connected plate:
Py, =dipy, < 1/2 elpes
where p,, = bearing strength of the connected parts given in Table 33in
the code. (See to Table 4.1.)

¢ =end distance

The second part of the bearing check ensures that the plate does not fail by end
shear as shown in Figure 4.4(c).

Table 4.1 Ordinary bolts in clearance holes

Strength of bolts and bearing strength of bolts and connected ply (N/mm?*)

Strength of bolts Bolt grade
4.6 8.8
Shear strength p, 160 375
Bearing strength py, 435 970
Bearing strength of Steel grade
connected parts 43 50 55
Bearing strength py, 460 550 650

Load-capacity tables can be made up for use in design and Table 4.2 is such a
design aid.

With regard to this table it should be noted that the minimum end distance to
ensure that the bearing capacity of the connected ply is controlled by the
bearing on the plate is given by equating:

Pb,=dtpb,= 0.5 € tpb,

End distance e=2d

4.2.3 Direct tension joints
(1) Tension capacity of bolts

Joints with bolts in direct tension are shown in Figure 4.5(a). The tension
capacity of an ordinary bolt is given in Clause 6.3.6 of BS 5950: Part 1. This
states that:

Capacity P, =p, 4,
where p, = tension strength from Table 32 in the code
=195 N/mm? for Grade 4.6 bolts
=450 N/mm? for Grade 8.8 bolts
A, = tensile stress area.
Values for A4, are given in Steelwork Design, Guide to BS 5950: Part 1: 1985.

Volume 1, Section Properties, Member Capacities, Constrado, 1985. Tension
values for Grade 4.6 bolts are given in Table 4.2.

(2) Prying Forces

Prying forces are set up in tee connections with bolts in tension, as shown in
Figure 4.5(b). This situation occurs in many standard joints in structures such
as in bracket and moment connections to columns.
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The prying force P adds directly to the tension in the bolt. Referring to the
figure,

Total bolt tension F= W/2+ P
where W= external tension on the joint

The magnitude of the prying force depends on the stiffnesses of the bolt and
the flanges. Theoretical analyses based on elastic and plastic theory are
available to determine values of prying forces. If the flanges are relatively
thick, the bolt spacing not excessive and the edge distance sufficiently large,
the prying forces are small and may be neglected. The reader should consult
reference 7 for further particulars.

BS 5950: Part 1 states in Clause 6.3.6.2 that in connections subject to tension
prying action need not be taken into account provided the stresses given in
Table 32 and quoted in Section 4.2.3(1) above are used.

4.2.4 Eccentric connections
There are two principal types of eccentrically loaded connections:

(1) Bolt group in direct shear and torsion; and
(2) Bolt group in direct shear and tension.

These connections are shown in Figure 4.6.

U

a) Bolts in Direct )
R EE— b) Bolts in Oirect
Shear and Torson -
Shear and  Tension

Figure 4.6 Eccentrically loaded connections

4.2.5 Bolts in direct shear and torsion

In the connection shown in Figure 4.6(a) the moment is applied in the plane of
the connection and the bolt group rotates about its centre of gravity. A linear
variation of loading due to moment is assumed, with the bolt farthest from the
centre of gravity of the group carrying the greatest load. The direct shear is
divided equally between the bolts and the side plates are assumed to be rigid.

Consider the group of bolts shown in Figure 4.7(a), where the load P is
applied at an eccentricity e. The bolts A, B, etc. are at distances r,, r,, etc. from
the centroid of the group. The coordinates of each bolt are (x,, y,), (x2, y2),
etc. Let the force due to the moment on bolt A be Fy. This is the force on the
bolt farthest from the centre of rotation. Then the force on a bolt 7, from the
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a) Bolt Group in Direct Shexr and Torsion

b) Resultant Load on Bolt

¢) Resolved Purfs of Loads
on Bolt

Figure 4.7 Bolt group in direct shear and torsion

centre of rotation is Fy r,/r, and so on for all the other bolts in the group. The
moment of resistance of the bolt group is given by Figure 4.7:

MR=FTJ1 +F-r.r2.r1/r1 +

F.
=_T. (r12+r;._2+ .,.)
r

=T (Z x2+1y?
r

=applied moment=P.¢

The load Fy due to moment on the maximum loaded bolt A is given by
Pe.r,
regoisy
The load F, due to direct shear is given by
P
No. of bolts

The resultant load ¥y on bolt A can be found graphically, as shown in
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Figure 4.7(b). The algebraic formula can be derived by referring to Figure
4.7(c).
Resolve the load F; vertically and horizontally to give

Vertical load on bolt A= Fs+ Fy cos ¢

Horizontal load on bolt A= F; sin ¢

Resultant load on bolt A

Fy=[(Fy sin ¢)*)+ (Fs+ Fy cos 9)*1°*

=[Fg®+ F;*+ 2F, Fy cos ¢]°

The size of bolt required can then be determined from the maximum load on
the bolt.

4.2.6 Bolts in direct shear and tension

In the bracket-type connection shown in Figure 4.6(b) the bolts are in com-
bined shear and tension. BS 5950: Part 1 gives the design procedure for these
bolts in Clause 6.3.6.3. This is:

The factored applied shear F, must not exceed the shear capacity Ps, where
Ps = ps As. The bearing capacity checks must also be satisfactory. The factored
applied tension Fy must not exceed the tension capacity Py, where Pr= p, Ar.

In addition to the above the following relationship must be satisfied:

Bilrcia
P Pr

The interaction diagram for this expression is shown on Figure 4.8. The shear
Fs and tension Fy are found from an analysis of the joint.

1.4

Tension
Fqe /Py

Fs /P 14 Figure 4.8 Interaction diagram: bolts in shear and
Shear tension

An approximate method of analysis that gives conservative results is de-
scribed first. A bracket subjected to a factored load P at an eccentricity e is
shown in Figure 4.9(a). The centre of rotation is assumed to be at the bottom
bolt in the group. The loads vary linearly as shown on the figure, with the
maximum load F; in the top bolt.

The moment of resistance of the bolt group is:
Mg=2[Fr. y,+ Fr. yiint ..
=2Frly, . iyt + ]
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Figure 4.9 Bolts in direct shear and tension: approximate analysis

»
b4
=P.e
The maximum bolt tension is:
Fr=Pey [2Z y*
The vertical shear per bolt:
Fs= P/No. of bolts

A bolt size is assumed and checked for combined shear and tension as de-
scribed above.

In a more accurate method of analysis the applied moment is assumed to be
resisted by the bolts in tension with uniformly varying loads and an area at the
bottom of the bracket in compression, as shown in Figure 4.10(b).
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ond _Stresses

b) Bolts m Tension
Compression Area
Figure 4.10 (contd. overleaf)
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Figure 4.10 Bolts in direct shear and tension: accurate analysis

For equilibrium, the total tension T must equal the total compression C.
Consider the case where the top bolt is at maximum capacity P, and the
bearing stress is at its maximum value p,. Referring to Figure 4.12(c), the total
tension is given by:

+P=y=p) , D=y=2p)
M t
(D-y) (D-y)
P,=p, . A, (See Section 4.2.3 (1) above)
The total compression is given by:
C=05p,.b.y

where b, the stiff bearing width, is obtained by spreading the load at 45 de-
grees, as shown in Figure 4.10(d). In the case of the rolled section the 45-degree
line is tangent to the fillet radius.

The expressions for T and C can be equated to give a quadratic equation
which can be solved to give y, the location of the neutral axis. The moment of
resistance is then obtained by taking moments of T and C about the neutral
axis. This gives

T=P,

P

(D-y-p)?
Mg=P (D-y)+P —"—1+ . +2/3C
R (D-y) D—-y) /3.C.y

The actual maximum bolt tension Fy is then found by proportion, as follows:

Applied moment M=P . ¢
Actual bolt tension Fr=M . P,/My

The direct shear per bolt F,= P/No. of bolts and the bolts are checked for
combined tension and shear.

Note that to use the method a bolt size must be selected first and the joint set
out and analysed to obtain the forces on the maximum loaded bolt. The bolt
can then be checked.
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4.2.7 Examples of ordinary bolted connections
Example (1)

The joint shown in Figure 4.11 is subjected to a tensile dead load of 85 kN and
a tensile imposed load of 95kN. All data regarding the member and joint are
shown in the figure. The steel is Grade 43 and the bolt Grade 4.6. Check that
the joint is satisfactory.

fl) 0,30 SP"c/e plate 95 x 10

{

|

|

i

|

!
O

Cover plate 140x8
2 No. 100x65x8 ||
Bolts - 20mm dia. ordinary bolts
Holes - 22mm dia

Figure 4.11 Double-angle splice

Using load factors from Table 2 of BS 5950, Part 1:

Factored load=(1.4 x 85)+ (1.6 x95) =271kN

Strength of bolts. From Table 4.2 for 20-mm diameter bolts:

Single shear capacity on threads =39.2kN

Bearing capacity of bolts on 10-mm ply=87.0kN

Bearing capacity on 10-mm splice with 30-mm end distance

Bearing strength py, = 460 N/mm?2 from Table 4.1:

P, =1/2x30x 10 x 460/103 =69kN

Bolt capacity—two bolts are in double shear and four in single

shear =(4x%39.2)+(2x39.2)+69 =304.2kN
Note that the capacity of the end bolt bearing on the 10 mm splice plate is
controlled by the end distance (BS 5950: Part 1, Clause 6.3.3.3).

Strength of the angles. Gross area = 12.7cm? per angle.

The angles are connected through both legs. Clause 4.6.3.3 of BS5950: Part
1 states that the net area defined in Clause 3.3.2 is to be used in design. The
holes are 22-mm diameter:

Net area =2 (1270 —2 x 22 x 8) = 1836 mm?

Design strength p, =275 N/mm (Table 6)

Capacity P, =275 x 1836/10° = 504.9kN

Splice plate and cover plate (see Clauses 3.3.3 of the code and Section
7.4.1 of this book):
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Effective area=1.2[(95—22)10+ (140 —44)8] = 1798 mm?
% gross area =2070 mm?
Capacity P,  =275x1798/10° =494.3kN
The splice is adequate to resist the applied load.

Example (2)

Check that the joint shown in Figure 4.12 is adequate. All data required are
given in the figure.

525 |
|

Dead load = 60kN
Imposed load = BOkN

|
-~ &_ ld —
g i [ e
5 —lg =
g R i |
n
n t Loads ore on bolt
- . shown on one plate
* . 15mm side plate
57.9 20 250 9719
All bolts 24mm dia.
i
— 3
|
% d
25‘0! 254x89UC l:
I
I —

Figure 4.12 Example: bolt group in direct shear and torsion

Factored Load=(1.4x 60)+ (1.6 x80) =212kN

Moment M =(212 x 525)/10° =111.3kNm

Bolt group T x*=12x 250? =750 x 103
Zy2=4(352+1052+1752) =171.5x 103
Ex2+Iy? =921.5% 103
Cos ¢ =250/305.16 =0.819

Bolt A is the bolt with the maximum load:

111.3 x 103 x 305.16
Load due to moment = 915X 10° =36.85kN
Load due to shear =212/12 =17.67kN

Resultant load on bolt
=[17.67%+36. 852+ (2x17.67x36.85x0. 819)]°-*

=52.31kN
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Single-shear value of 24 mm diameter ordinary bolt on the threads

From Table 4.2 =56.4kN
Universal column flange thickness =17.3mm
Side-plate thickness =|5mm
Minimum end distance =45mm
Bearing capacity of the bolt
wp = 24 X 15 % 435/10% =157kN
Bearing capacity of the plate
Py, =24 % 15 % 460/10% =166 kN
<1/2x45x 15 x 460/10° =155kN

The strength of the joint is controlled by the single shear value of the bolt. The
joint is satisfactory.

Example (3)

Determine the diameter of ordinary bolt required for the bracket shown in
Figure 4.13. The joint dimensions and loads are shown in the figure. Use
Grade 4.6 bolts.

254 x 254x 102 UC

200
P
" Dead = BOKN
T Imposed < 95 & kN
TSN
I — =Y
i 1 4 i .
_.E ——
2lg —+ o i
3 173
-2 " <E
1— + i L
By 15mm Plate . r—l—? T —
TF_PY '_l
- N = 265 N/mm?

20mm Plate
—do b—
=55

10 Ordinary Bdts

a) Joint b) Tension and ¢} Intenal
Compression Areas Forces
b=55
[
[N
Sr_ 1 i )
— s

d} Stiff Bearing Length

Figure 4.13 Bracket: bolts in direct shear and tension
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Try 20-mm diameter ordinary bolts. From Table 4.2,
Tension capacity P,=47.7kN

The design strength from Table 6 of the code for plates:
20 mm thick Py =265 N/mm?

Referring to Figure 4.13(c), where the depth to the neutral axis is y, the total
tension is:

T=954 [1 + @80y (210-y) , (140-y) | (70-y) ]

(350-y) (350-y) (350-y) (350-y)
=95.4 (1050-5y)/(350-y) kN-
The width of stiff bearing is shown in Figure 4.13(d):
b=15+2x20 =55mm
The total compression in terms of y is given by:
C=1/2x265x%x55y/10° =7.29ykN
Equate T and C and rearrange terms to give the quadratic equation:
7.29y*—-3028 y+100170 =0
Solve to give | y=36.25mm
The moment of resistance is:

95.4

2 2
M, = m—3[(350~36.25) , (280-36.257 _ (210-36.25)

(350-36.25) (350—-36.25)
. (140-36.25)* + (70—36.25)2] + 7.29 % 36.252 x 2

(350—36.25) (350-36.25) 3x 103
=67.17kNm
Factored load =(1.4%x80)+ (1.6 x75)=232kN
Factored moment =232 x 200/10° =46.4kNm
Actual tension in top bolts
F;=46.4x47.7/67.17 =32.95kN

Direct shear per bolt =232/10 =23.2kN
Shear capacity on threads Ps=139.2kN
Tension capacity P.=477kN

Combined shear and tension:

F, F. 232 3295
LI e Sy T R
P. P, 392 417 <1

Therefore 20-mm diameter bolts are satisfactory.

The reader can redesign the bolts using the approximate method. Note that
only the bolts have been designed. The welds and bracket plates must be
designed and the column checked for the bracket forces. These considerations
are dealt with in Section 4.5.
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4.3 Friction-grip bolts

4.3.1 General Considerations

Friction-grip bolts are made from high-strength steel so they can be tightened
to give a high shank tension. The shear in the connected plates is transmitted
by friction, as shown in Figure 4.14(a), and not by bolt shear, as in ordinary
bolts. These bolts are used where strong joints are required, and a major use is
in the joints in rigid frames.

The bolts are manufactured in three types to conform to BS 4395:

General grade. The strength is similar to Grade 8.8 ordinary bolts. This type
is generally used.

Higher-grade: Parallel shank and waisted shank bolts are manufactured.

The use of general grade friction-grip bolts in structural steelwork is speci-
fied in BS 4604, Part 1. Parallel and waisted shank bolts are shown in Figure
4.14(b). Only general grade bolts will be discussed here.

The bolts must be used with hardened steel washers to prevent damage to
the connected parts. The surfaces in contact must be free of mill scale, rust,
paint, grease, etc. which would prevent solid contact between the surfaces and
lower the slip factor (see below).

Care must be taken to ensure that bolts are tightened up to the required

l l Shank  Tension

_ |

i =
I Friction at

]
I
+ T Interface

a) Action in Frichon Grip  Bott

ht
il

-~ Washer /Wusher
- Waist
7
/

—

Parallel  Shank Waisted __Shank

b1 Types of Friction Grip Bott

Figure 4.14 Friction-grip bolts
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tension, otherwise slip will occur at service loads and the joint will act as an
ordinary bolted joint. Methods used to achieve the correct shank tension are:

(1) Part-turning. The nut is tightened up and then forced a further half to
three quarters of a turn, depending on the bolt length and diameter.

(2) Torque control. A power operated or hand-torque wrench is used to de-
liver a specified torque to the nut. Power wrenches must be calibrated at
regular intervals.

(3) Load-indicating washers and bnlts. These have projections which squash
down as the bolt is tightened. A feeler gauge is used to measure when the
gap has reached the required size.

Friction-grip bolts are generally used in clearance holes. The clearances are
same as for ordinary bolts given in Section 4.2.2.

4.3.2. Design procedure

Friction-grip bolts can be used in shear, tension and combined shear and
tension. The design procedure, given in Section 6.4 of BS 5950: Part 1 for
general-grade parallel shank bolts, is set out below. Long joints are not
discussed.

(1) Bolts in shear

The capacity is the lesser of the slip resistance and the bearing capacity. The
code states that while the slip resistance is based on a serviceability criterion
the design check is made for convenience, using factored loads. However, the
joint can slip and go into bearing at loads greater than the working load, and
hence the bearing capacity must be checked. The code further states that the
shear capacity is automatically satisfigd if the slip factor is not taken to be
greater than 0.55.
The slip resistance is given by:
PSL= 1.1 Ks‘l Po
where P, =minimum shank tension (i.e. the proof load given in Table 4.3);

K; = 1.0 for bolts in clearance holes. It has lower values for bolts in
oversized and slotted holes; and

u# =slip factor. For general-grade bolts and untreated surfaces
u=0.45.

The bearing resistance is given by:
Py =d ! Pog
< 1/3etpy,
where d = nominal diameter of the bolt

t =thickness of the connected !y
e =end distance

Pvg = bearing strength of the parts connected.
The second part of the bearing check ensures that the joint does not fail by end



Friction-grip bolts 41

shear in the plies as shown in Figure 4.4(c). The bearing strengths are given in
Table 34 of BS 5950: Part 1. Values from the table are:

Pug =825 N/mm? for steel Grade 43
= 1065 N/mm? for steel Grade 50
The slip and bearing resistances for general grade bolts are given in Table 4.3.
A minimum end distance of ¢ = 3d ensures that the bearing resistance is con-

trolled by bearing on the plate. The factor K has been taken as 1.0 for bolts in
clearance holes.

(2) Bolts in tension only
The tension capacity is given by
P‘ = 0.9 Po

The tension on capacities are given in Table 4.3.

(3) Bolts in combined shear and tension

The external capacity reduces the clamping action and slip resistance of the

joint. Bolts in combined shear and tension must satisfy the following

conditions:

(1) The transverse capacity in slip and bearing must be greater than the
applied factored shear Fj.

(2) The tension capacity must be greater than the applied factored tension Fi.

(3) In addition. the interaction relationship must be satisfied:

—+0.8£‘— <1
PSL Pl

This formula is shown graphically in Figure 4.15.

125K
\
\
10
F
Df \
0 1.0

P, Figure 4.15 Friction-grip bolts in shear and tension
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Table 4.3 Load capacities for friction bolts used in Grade 43 steel plate

Dia- Minimum Tension Slip Bearing capacity (kN)
meter shank capacity resis- for plate thickness (mm)
tension tance

(mm) (kN) (kN) (kN) 6 8 10 12
16 92 82.8 45.5 79.2 105.6
20 144 129.6 71.2 99.0 132.0 165.0 198.0
22 177 159.3 87.6 108.9 145.2 181.5 217.8
24 207 186.3 102.4 — 158.4 198.0 237.0

4.3.3 Examples of friction-grip boit connections
Example (1)

Design the bolts for the moment and shear connection between the floor beam
and column in a steel frame building. The following data are given:

Floor beam 610x 229 UB 140
Column 254 %254 UC 132
Moment Dead load =180kNm
Imposed load = 100 kNm
Shear Deadload =300kN

Imposed load =160 kN
Set out the joint as shown in Figure 4.16

M ~r-’\~ﬁ"~’j"
‘¢_ _é- ] Flange force
Moment ™
% || ¢ 4 No.2mm ==
HSFG bolts
i s N\ 8
a:
' 8 3 >
i x £ l x 3
: Shear 2 & &«
~ ~
4 8 No. 24 mm M - S
< =]
HSFG balts ) S
4| ¢ s
—— X -
4 4 i=
e e T

Figure 4.16 Beam-to-column connection

Moment Connection
The moment is taken by the flange bolts in tension:

Factored moment=(1.4 x 180)+ (1.6 x 100) =412kNm
Flange force =412/0.594 =693.6kN
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Provide 24-mm diameter friction-grip bolts:
Minimum shank tension =207kN
Tension capacity of four bolts=4 x 0.9 x 207=745.2kN

The joint is satisfactory for moment. Four bolts are also provided at the
bottom of the joint but these are not loaded by the moment in the direction
shown.

Shear Connection
The shear is resisted by the web bolts.

Factored shear= (1.4 x 300)+ (1.6 x 160)=676 kN
Slip resistance of eight No. 24 mm diameter bolts in clearance

holes=8 x 1.1 x (.45 x 207 =819.7kN
If the end plate is 12 mm thick, the bearing resistance
=8x825x24x12/103 =1901 kN

However, if the end distance of the two top bolts is 55mm the bearing re-
sistance must not exceed.

=6x825x 24 x12/10°+2x1/3x 55x 12 x
825/103 =1788.6kN
Therefore 24-mm diameter bolts are satisfactory.
Note that only the bolts have been designed. The welds, end plates and

stiffeners must be designed and the column flange and web checked. These
considerations are dealt with in Section 4.5.

Example (2)

Determine the bolt size required for the bracket loaded as shown in Figure
4.17(a).
Factored load  =(1.4x160)+ (1.6 x 110)=400kN

Factored moment =400 x 0.28 =112kNm
Try 20-mm diameter friction-grip bolts:
Tension capacity from Table 4.3 =129.6kN

The joint forces are shown in Figure 4.17(c). The stiff bearing width can be
calculated from the bracket end plate (Figure 4.17(d)):

b=15+2%20 =55mm
The total tension in term; of the maximum tension in the top bolts is
370-y N 270-y 170—y]
470-y 470-y 470-y

T =259.2 [l +

=295.2 (1280—4y)/(470-y)
The design strength from Table 6 in the code for plates 20 mm thick:
P,=265N/mm?
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256x254 x 132 UC
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Figure 4.17 Bracket: bolts in shear and tension

The total compression is given by:
C =1/2x265%55y/103 =729y

Equate T and C and rearrange to give:
y>—631.9y+ 51832 =0
Solving gives y=96.87 mm.
The moment of resistance is

259.2 (370-96.87) (270-96.87)
= 87+ +
M= [(4”96 87) (470-96.87) ' (470-96.87)
(170-96.87)>7 7.29x 96.87%x 2
(470-96.87)2 3% 10°

=173.07+45.61 =218.68 kNm
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The actual maximum tension in the top bolts is:

Fr=112x129.6/218.68 =66.37kN
The slip resistance from Table 4.3, Pg; = 71.2kN

The bearing resistance is much greater than this value:
Applied shear per bolt F;=400/10 =40kN
Interaction criteria:

Fs O8F,_ 40 _08x66.37

Py P, 712 1296 =097 <10

Therefore 20-mm diameter bolts are satisfactory

4.4 Welded connections

4.4.1 Welding

Welding is the process of joining metal parts by fusing them and filling in with
molten metal from the electrode. The method is used extensively to join parts
and members, attach cleats, stiffeners, end plates, etc. and to fabricate
complete elements such as plate girders. Welding produces neat, strong and
more efficient joints than are possible with bolting. However, it should be
carried out under close supervision, and this is possible in the fabrication
shop. Site joints are usually bolted. Though site welding can be done it is
costly, and defects are more likely to occur.

Electric arc welding is the main system used, and the two main processes in
structural steel welding are:

(1) Manual arc welding, using a hand-held electrode coated with a flux which
melts and protects the molten metal. The weld quality depends very much
on the skill of the welder.

(2) Automatic arc welding. A continuous wire electrode is fed to the weld
pool. The wire may be coated with flux or the flux can be supplied from a
hopper. In another process an inert gas is blown over the weld to give
protection.

4.4.2 Types of welds, defects and testing

The two main types of welds, butt and fillet, are shown in Figures 4.18(a) and
(b). Butt welds are named after the edge preparation used. Single and double
U and V welds are shown in Figure 4.18(c). The double U welds require less
weld metal than the V types. A 90-degree fillet weld is shown but other angles
are used. The weld size is specified by the leg length. Some other types of
welds—the partial butt, partial butt and fillet weld and deep penetration fillet
weld—are shown in Figure 4.18(d). In the deep penetration fillet weld a higher
current is used to fuse the plates beyond the limit of the weld metal.
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d) Other Types of Welds

Figure 4.18 Weld types: fillet and butt welds

Cracks can occur in welds and adjacent parts of the members being joined.
The main types are shown in Figure 4.19(a). Contraction on cooling causes
crackingin the weld. Hydrogen absorption is the main cause of cracking in the
heat-affected zone while lamellar tearing along a slag inclusion is the main
problem in plates.

Faulty welding procedure can lead to the following defects in the welds, all
of which reduce the strength (scc Figure 4.19(b)):

(1) Over-reinforcement and undercutting;
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Undercutting
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Figure 4.19 Cracks and defects in welds

(2) Incomplete penetration and lack of side-wall fusion;
(3) Slag inclusions and porosity

When the weld metal cools and solidifies it contracts and sets up residual
stresses in members. It is not economic to relieve these stresses by heat treat-
ment after fabrication, so allowance is made in design for residual stresses.

Welding also causes distortion, and special precautions have to be taken to
ensure that fabricated members are square and free from twisting. Distortion
effects can be minimized by good detailing and using correct welding pro-
cedure. Presetting, prebending and preheating are used to offset distortion.

All welded fabrication must be checked, tested and approved before being
accepted. Tests applied to welding are given in reference 8:

(1) Visual inspection for uniformity of weld;
(2) Surface tests for cracks using dyes or magnetic particles;
(3) X-ray and ultrasonic tests to check for defects inside the weld.

Only visual and surface tests can be used on fillet welds. Butt welds can be
checked internally, and such tests should be applied to important butt welds in
tension.

When different thicknesses of plate are to be joined the thicker plate should
be given a taper of | in 5 to meet the thinner one. Small fillet welds should not
be made across members such as girder flanges in tension, particularly if the
member is subjected to fluctuating loads, because this can lead to failure by
fatigue or brittle fracture. With correct edge preparation if required, fit-up,
electrode selection and a properly controlled welding process, welds are per-
fectly reliable.

4.4.3 Design of fillet welds

Important provisions regarding fillet welds are set out in Clause 6.6.2 of BS
5950: Part 1. Some of these are listed below (the complete clause in the code
should be consulted):

(1) Fillet welds should be returned around corners for twice the leg length.
(2) Inlap joints the lap length should not be less than four times the thickness
of the thinner plate.
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(3) In end connections the length of weld should not be less than the trans-
verse spacing between the welds.

(4) Intermittent welds should not be used under fatigue conditions. The spac-
ing between intermittent welds should not exceed 300 mm nor 16¢ for parts
in compression nor 24t for parts in tension, where ¢ is the thickness of the
thinner plate. These provisions are shown on Figure 4.20.

™~

= I

E—L ——
L Ld W
Lo ot
o) Return Ends b} Lop Length ¢) End Fillets

w ir—*—

b

LP 300 or 16t parts in compression
# 20¢ parts in tension

d) Intermittent Fillet Welds

Figure 4.20 Design details for fillet welds

Some values of design strengths for fillet welds given in Table 36, Clause
6.6.5.1, BS 5950: Part 1 are given here in Table 4.4.

Table 4.4 Design strength of fillet welds py, (N/mm?)

Steel grade Electrodes Strength BS 639
BS 4360 E43 E51
43 215 215
50 215 255
55 n.a. 255

The strength of a fillet weld is calculated using the throat thickness. For the 90-

degree fillet weld shown in Figure 4.18(b) the throat thickness is taken as 0.7
times the size or leg length:

Strength of weld=0.7 leg length X py/10* kN/mm
Strengths of fillet welds are given in Table 4.5.
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Table 4.5 Strength of fillet welds (kN/mm)

Weld Steel grade
size 43 50 55
or leg Electrode Electrode Electrode
length E—43 E-51 E—43 E-51 E-51
5 0.75 0.75 0.89 0.89
6 0.90 0.90 1.07 1.07
8 1.20 1.20 1.42 1.42
10 1.50 1.50 1.78 1.78
12 1.80 1.80 2.14 2.14

In design the vector sum of the design stresses due to all the forces on the weld
should not exceed the design strength. The code also notes that the strength of
symmetrically loaded fillet welds can be taken as equal to the strength of the
plate, provided that:

(1) The weld strength is not less than that of the plate;

(2) The sum of the throat thicknesses of the weld is greater than the plate
thickness; and

(3) The weld is principally in direct compression or tension.

A weld meeting these provisions is shown in Figure 4.21.

Tension or
Compression

o
7. A
? ?

Py

a2t Figure 4.21 Fillet welds as strong as plate

4.4.4 Design of butt welds

The design of butt welds is covered in Clause 6.6.6 of BS 5950: Part 1. This
clause states that the design strength should be taken as equal to that of the
parent metal provided that the strength of the weld metal is not less than that
of the parent metal.

Full penetration depth is ensured if the weld is made from both sides or if a
backing run is made on a butt weld made from one side (see Figures 4.18(a)
and (c)). Full penetration is also achieved by using a backing plate (see Figure
4.22(a)).

If the weld is made from one side the throat thickness is reduced and the
following values specified in Clause 6.6.6.2 are to be used:

(1) V weld—depth of preparation minus 3 mm (see Figure 4.22(b));
(2) J or U welds—depth of preparation unless it can be shown that greater
penetration can be achieved (see Figure 4.18(c)).
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The code also states in Clause 6.6.6.3 that if the weld is unsymmetrical relative
to the parts joined the resulting eccentricity should be taken into account. The
strength of a butt weld is then

=throat thickness x plate design strength.

/ARl

preparafion
pth

]

a) Single V Weld with b} Single V Weld made
Backing Plate from one side

Figure 4.22 Design details for butt welds

4.4.5 Eccentric connections

The two types of eccentrically loaded connections are shown in Figure 4.23.
These are:

(1) The torsion joint with the load in the plane of the weld; and
(2) The bracket connection.

In both cases the fillet welds are in shear due to direct load and moment.
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Figure 4.23 Eccentrically loaded connections

4.4.6 Torsion joint with load in plane of weld

The weld is in direct shear and torsion. The eccentric load causes rotation
about the centre of gravity of the weld group. The force in the weld due to
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torsion is taken to be directly proportional to the distance from the centre of
gravity and is found by a torsion formula. The direct shear is assumed to be
uniform throughout the weld. The resultant shear is found by combining the
shear due to moment and the direct shear, and the procedure is set out below.
The side plate is assumed to be rigid.

A rectangular weld group is shown in Figure 4.24(a), where the eccentric
load P is taken on one plate. The weld is of unit leg length throughout:

Direct shear Fg= P/length of weld

=Pl2(x+y)]
Shear due to torsion
Fr=Per/l,
where I, = polar moment of inertia of the weld group
=Ix+1,

L=y*(6+xy*/2
I,=x3/6+x%y/2
r=0.5(x+y)°5
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a) Jont Welded All Round b) Resultant Force on Weld at A

]
—
Xy p—

—L__x__l

¢) Joint Welded on Three Sides

Figure 4.24 Torsion joints load in plane of weld
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The heaviest loaded length of weld is that at A, farthest from the centre of
rotation O. The resultant shear on a unit length of weld at A is given by:

Fp=[Fs*+ Fy* + 2FgFy cos ¢]°*

The resultant shear is shown on Figure 4.24(b). The weld size can be selected
from Table 4.5.

If the weld is made on three sides only, as shown on Figure 4.24(c), the
centre of gravity of the group is found first by taking moments about side BC:

X =x/(2x+y)
IL=y312+xy?/2
1,=x3/6+2x(x/2— x,)* + yx,?

The above procedure can then be applied.

4.4.7 Bracket connection

Various assumptions are made for the analysis of forces in bracket connec-
tions. Consider the bracket shown in Figure 4.25(a), which is cut from a
universal beam with a flange added to the web. The bracket is connected by
fillet welds to the column flange. The flange welds have a throat thickness of
unity and the web welds a throat thickness ¢, a fraction of unity. Assume
rotation about the centroidal axis XX. Then:

Weld length L =2b+2agq
Moment of inertia I, =bd?/2+qa’[6
Direct shear Fs=P/L

Load due to moment F; = Ped/21y
Resultant load Fa=(Fy+ FgH)°3

Select the weld size from Table 4.5.

In a second assumption rotation takes place about the bottom flange X, X,.
The flange welds resist moment and web welds shear. In this case:

F; = Pe/db

Fg =P/2a
The weld sizes can be selected from Table 4.5.

With heavily loaded brackets full-strength welds are required between the
bracket and column flange.

The fabricated T-section bracket is shown in Figure 4.25(b). The moment is
assumed to be resisted by the flange weld and a section of the web in com-
pression of depth y, as shown in the figure. Shear is resisted by the web welds.

The bracket and weld dimensions and internal forces resisting moment are
shown in the figure. The web area in compression is ty. Equating moments
gives:

P.e=T(d-2y/3)= C(d-2y/3)

C =1/2p,ty=T

Pe=1/2p, ty (d-2y/3)

Solve the quadratic equation for y and calculate C:
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Figure 4.25 Bracket connections

The flange weld force Fy=T/b
The web weld force  Fg= P/2(d-y)

Select welds from Table 4.5.

The calculations are simplified if the bracket is assumed to rotate about the
X, X, axis, when

Fy=Pe/db

4.4.8 Examples on welded connections
(1) Direct shear connection

Design the fillet weld for the direct shear connection for the angle loaded as
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shown in Figure 4.26(a), where the load acts through the centroidal axis of the
angle. The steel is Grade 43:

65x50x8L

|

|

: 2l -+
Dead load = S50 kN
imposed lood = 60 kN
a) Angle and Lloads
65—‘1

LT

¢) Welds on Sides ond Ends

Figure 4.26 Direct shear connection

Factored load =(1.4 x 50) + (1.6 x 60) =166 kN

Use 6-mm fillet weld, strength from Table 4.5=0.9 kN/mm

Length required = 166/0.90 =184.4mm

Balance the weld on each side as shown in Figure 4.26(b):

Side X, length = 184.4 x 43.9/65 =124.5mm
Add 12 mm, final length=136.5mm, say 140 mm

Side Y, length=184.4—124.5 =59.9mm

Add 12 mm, final length=71.9, say 75mm

Note that the length on side Y exceeds the distance between the welds, as
required in Clause 6.6.2.2 of BS 5950: Part 1. A weld may also be placed across
the end of the angle, as shown in Figure 4.26(c). The length of weld on side Y,
L,, may be found by taking moments about side X. In terms of weld lengths
this gives:

(L, x 65)+ (65 x 32.5) =(184.4x21.1)

L,=27.4+6=33.4, say 40mm

Length on side X:

Lyx=184.4—65—27.4+6=98 mm, say 100 mm
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Note that the leg length has been added at ends of all weld lengths calculated
above to allow for craters at the ends. To comply with Clause 6.6.2.2 quoted
above, weld L, is increased to 65 mm. Weld Ly is also increased in proportion
to 180 mm. In the above example the load is also eccentric to the plane of the
gusset plate, as shown in Figure 4.26(a). It is customary to neglect this
eccentricity.

(2) Torsion connection with load in plane of weld

One side plate of an eccentrically loaded connection is shown in Figure
4.27(a). The plate is welded on three sides only. Find the maximum shear force
in the weld and select a suitable fillet weld from Table 4.5.

Dead load = 40kN

Imposed load = 60kN 292 86
r_iﬁ A C
_. : / .

Xy= 57-14
200 __j

a) Connection b) Weld Group

250

300

Figure 4.27 torsion Connection loaded in plane of weld

Find the position of the centre of gravity of the weld group by taking moments
about side AB (see Figure 4.27(b)):

Length L =700 mm
Distance to centroid x, =2 x 200 x 100/700=57.14 mm
Eccentricity of load ¢ =292.86

Moments of inertia:
Ix=(2 % 200 x 150%)+ 300%/12=11.25 x 10° mm?

I,= (300 x 57.142)+ (2 x 200%/12) + (2 %200 x 42.862)
=3.047 x 10° mm?

I,=(11.25+3.047) 10° =14.297 x 10° mm?
Angle cos ¢ = 142.86/207.14 = (.689
Factored load = (1.4 x 40) + (1.6 x 60) = 152 kN
Direct shear Fg=152/700 =0.217kN/mm

Shear due to torsion on weld at C:

_ 152x292.86 » 207.14
14.297 x 108

=0.645kN/mm

T
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Resultant shear:
Fp=[0.217%+0.645%+ 2 x 0.217 x 0.645 x 0.689]°-*
=0.81 kN/mm
A 6-mm fillet weld, strength 0.90 kN/mm is required.

(3) Bracket connection

Determine the size of fillet weld required for the bracket connection shown in
Figure 4.28. The web welds are to be taken as one half the leg length of the
flange welds. All dimensions and loads are shown in the figure.

250 1732
-~~-«—~~.11 Dead load
= 80kN

Imposed load
= 110kN

-

Fr

Fa
Fs

280
3646

X
{ Cut from
i 356 x171 x 67 UB

Figure 4.28 Bracket connection

Design assuming rotation about XX axis

Factored load = (1.4 x 80)+ (1.6 X 110) =288kN

Length L=(2x173.2)+280 = 626.4 mm
Inertia Iy=(2x173.2x182%)+280%/12 =13.3x10°mm?
Direct shear Fg=288/626.4 =0.46 kN/mm
Shear from moment F= W =0.985kN/mm
Resultant shear Fp =[0.46%+0.985%]°%  =1.09kN/mm

Provide 8-mm fillet welds for the flanges, strength 1.2 kN/mm. For the web
welds provide 6-mm fillets (the minimum size recommended).

Design assuming rotation about X X, axis
The flange weld resists the moment

_ 288x250
T 364x173.2

Provide 8-mm fillet welds, strength 1.2kN/mm. The web welds resist the
shear:

F;=1288/(2 x 280) =0.514kN/mm
Provide 6-mm fillet welds. The methods give the same results.

=1.14kN/mm
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4.5 Further considerations in design of connections

4.5.1 Load paths and forces

The design of bolts and welds has been considered in the previous sections.
Other checks which depend on the way the joint is fabricated are necessary to
ensure that it is satisfactory. Consistent load paths through the Jjoint must be
adopted.

—I A

il / /
:: / \Flnnge l

— ﬂj > Cut from UB

a) Bracket with Flange b} Bracket with Web Only
M e AR T
ad| e I
-4 Ih3s
| % aT TIIT%%
2 Il ge
| ¢ N
N P
| e ;j;:ﬁ - ’{é ~—
N SN

t} Bolt Forces d) Weld Forces

P
T |

e) Web Plate Forces

Figure 4.29 Brackets: load paths and forces
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Consider the brackets shown in Figure 4.29. The design checks required are:

(1) The bolt group (see Section 4.3.3);

(2) The welds between the three plates (see Section 4.4.5);

(3) The bracket plates. These are in tension, bearing, buckling and local
bending;

(4) Thecolumn in axialload, shear and moment. Local checks on the flange in
bending and web in tension at the top and buckling and bearing at the
bottom are also required.

4.5.2 Other design checks
Some points regarding the design checks are set out below.

(1) A direct force path is provided by the flange on the bracket in Figure
4.29(a). The flange can be designed to resist force

R=(d*+¢e»)"**P/d
e =eccentricity of the load
d =depth of bracket

(2) Where the bracket has a web plate only, as shown in Figure 4.29(b), the
maximum outstand should not exceed 13z¢, where

t = thickness of plate
e=(275/p,)°?

This ensures that the plate can be stressed to the design strength p, without
buckling. (See Table 7 of BS 5950: Part 1.) Local buckling is dealt with in
Section 5.3. If the web is satisfactory for bearing under the load P, the load
R can be assumed to be carried on a strip of web of width equal to the
length in bearing (see (3) below). The bolt, weld and web plate forces for
this type of bracket are shown in Figures 4.29(c), (d) and (e), respectively.
(See refereénces 7 and 9 for a more rigorous treatment of this problem.)

(3) The bearing length at the top of the web is shown in Figure 4.30(a). For a
universal beam the load is dispersed at 45 degrees from the beam fillets and
at lin 2.5 through the top plate. (See Clauses 4.5.1.3 and 4.5.3 in BS 5950:
Part 1. Bearing is dealt with in Section 5.8.2.)

(4) The end plate and column flange are checked for bending, as shown on
Figure 4.30(b). The plates are in double curvature, produced by prying
forces which are absorbed by the bolts. The length resisting bending is
found by dispersing the load at 30 degrees, as shown in the figure. For a
more rigorous approach using yield line analysis see references 10 and 11.

(5) The following checks are made on the column at the bottom of the
bracket. The column web is checked for bearing at the end of the fillet
between flange and web with load dispersed at 1in 2.5 to give the length in
bearing b,, shown in Figure 4.30(c). Note that the compression force is
assumed to spread over a depth 2y/3, where y is the depth of compression
area from the bolt force analysis (see Figure 4.29(c)). The column web is
checked for buckling at the centre line of the column. The load is dispersed
at 45 degrees to give the length b, shown in Figure 4.30(c), which is consi-
dered for buckling. (See Section 5.8.1 for details of this design check.)
Stiffeners can be added to carry loads if the column web is overstressed.
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(6) The column web is checked in tension at the top of the bracket, as shown
in Figure 4.30(c). The length in tension is taken as the length g resisting
bending, defined in (4) above.
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Figure 4.30 Brackets: local stress checks
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Problems

4.1 A single-shear bolted lap joint (Figure 4.31) is subjected to an ultimate
tensile load of 200 kN. Determine a suitable bolt diameter using Grade 4.6
bolts.

toful 6 bolfs
_@1 65 40
T
+’ + 1 LL
I o Pu=200 kN
+ o+
|3
+ + 1 2 No. 8x210
Grade 43 steel plate
a) Plan b) Elevation Figure 4.31

4.2 A double-channel member carrying an ultimate tension load of 820kN is
to be spliced, as shown in Figure 4.32.
(1) Determine the number of 20-mm diameter Grade 4.6 bolts required to
make the splice.
(2) Check the double-channel member in tension.
(3) Check the splice plates in tension.

— 2 No- 203x 76x23-82 kg/m C

H~- - —-—tt

B /
/ L Splice plate 10x198
2 Cover plates 10x 162 Figure 4.32

4.3 A bolted eccentric connection (illustrated in Figures 4.33(a) and (b)) is
subjected to a vertical ultimate load of 120 kN. Determine the size of Grade
4.6 bolts required if the load is placed at an eccentricity of 300 mm.

e = 300

_ Pu= 120 kN

1+ - s
8ls °
IR
@ " t -1
© 2

L 100
r-———d
a) Elevation b) Plan Figure 4.33

4.4 The bolted bracket connection shown in Figure 4.34 carries a vertical
ultimate load of 300 kN placed at an eccentricity of 250 mm. Check that 12
No. 24-mm diameter Grade 4.6 bolts are adequate. Use both approximate
and accurate methods of analysis discussed in Section 4.2.6. Assume all
plates to be 20 mm thick.
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180

Pu =300 kN r———-T
e =250 K

L
L Total 12 No. @24

S N Grade 46 ISO bolts
= 8 — a
g #
3 Lo .

r ’\-/V\—\_,J

a) Side Elevation b} Front Elevation Figure 4.34

4.5 Design a beam-splice connectior for a 533 x 210 UB 82. The ultimate
moment and shear at the splice are 300 kNm and 175 kN, respectively. A
sketch of the suggested arrangement is shown in Figure 4.35. Prepare the
final connection detail drawing from your design results.

/—Flunge Plate (top & bottom)

I - 1

— T —
]
I
2 Web | 533x210x82kg/fn UB
Plates :
— T— : T
L Splice location Figure 4.35

4.6 The arrangement for a friction-bolt grip connection provided for a tie
carrying an ultimate force of 300 kN is shown in Figure 4.36. Check the
adequacy if all the bolts provided are 20-mm diameter.

45° Total 6
bolts
= r 1!( — |
b

\ 2 no. 75x50x8 JL

Pu = 300 kN Figure 4.36
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4.7 Redesign the bracked connection in Problem 4.4 using high-strength
friction-grip bolts. What is the minimum bolt diameter required? Discuss
the relative merits of using Grade 4.6, Grade 8.8 and HSFG bolt for
connections.

4.8 The welded connection for a tension member in a roof truss is shown in
Figure 4.37. Using an E43 electrode on Grade 43 plate, determine the mini-
mum leg size of the welds if the ultimate tension in the member is 90 kN.

/ 2 no. 65x50x6 JL
Gusset plate /
12mm thk. s p Pu =90 kN

65 Figure 4.37

20

4.9 Determine the leg length of fillet weld required for the eccentric joint
shown in Figure 4.38. The ultimate vertical load is 500 kN placed at 300 mm
from the centre line. Use an E43 electrode on a Grade 43 plate.

125 12
300 Pu = 500
. p-———
vv*rr“‘{
|
i
|
1|
2 }} | a
'lll I 2no 0mm L
gt thk plate
i stanchion
a) Side Elevation b) Front Elevation Figure 4.38

4.10 A bracked cut from a 533 x 210 UB 82 of Grade 43 steel is welded to a
column, as shown in Figure 4.39. The ultimate vertical load on the bracket is
350 kN applied at an eccentricity of 250 mm. Design the welds between the
bracket and column.
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= 250 Pu= 350
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{a) (b) Figure 4.39



Beams

5.1 Types and uses

Beams span between supports to carry lateral loads which are resisted by
bending and shear. However, deflections and local stresses are also important.
Beams may be cantilevered, simply supported, fixed ended or continuous,
as shown in Figure 5.1(a). The main uses of beams are to support floors and
columns, carry roof sheeting as purlins and side cladding as sheeting rails.

4 4 t
a4 1’ 1 F |2
Cantilever Sunply  Supported Fixed Ended
Continuows
a) Types of Beoms
Universal Compound Channel
Beom Beom

Purlins and Sheeting Rails

Crgne Beam

bl Beam Sections

Figure 5.1 Types of beams and beam sections
64
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Any member may serve as a beam, and common beam sections are shown in
Figure 5.1(b). Some comments on the different sections are given:

(1) The universal beam where the material is concentrated in the flanges is the
most efficient section to resist uniaxial bending.

(2) The compound beam consisting of a universal beam and flange plates is
used where the depth is limited and the universal beam itself is not strong
enough to carry the load.

(3) The crane beam consists of a universal beam and channel. It must resist
bending in two directions.

Beams may be of uniform or non-uniform section. Rolled beams may be
strengthened in regions of maximum moment by adding cover plates or
haunches. Some examples are shown in Figure 5.2.

——

Cover Plates

Sin.'y  Supported Beam

Haunched Ends

[\ /] Bending Moment Diagram
\

—

Fixed Ended Beam

Figure 5.2 Noo-uniform beams

5.2 Beam loads

Types of beam loads are:

(1) Concentrated loads from secondary beams and columns.
(2) Distributed loads from self weight and floor slabs.

The loads are further classified into:

(1) Dead loads from self weight, slabs, finishes, etc.
(2) Imposed loads from people, fittings, snow on roofs, etc.
(3) Wind loads, mainly on purlins and sheeting rails.

Loads on floor beams in a steel frame building are shown in Figure 5.3(a).
The figure shows loads from a two-way spanning slab which give trapezoidal
and triangular loads on the beams. One-way spanning floor slabs give uniform
loads.
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a) Slab loads on Floor Beams
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r Slab T Column 7 Beam
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Actual  Beam

Load Oiagram
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— |

Shear  Force  Diagram

P

\/1/

Bending Moment  Diogram

b) Actual Lloads on a Beam

Figure 5.3 Beam loads

An actual beam with the floor slab and members it supports is shown in
Figure 5.3(b). The load diagram and shear force and bending moment dia-
grams constructed from it are also shown.
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5.3 Classification of beam cross sections

The projecting flange of an I beam will buckle prematurely if it is too thin.
Webs will also buckle under compressive stress from bending and from shear.
This problem is discussed in more detail in Section 6.2 in Chapter 6. (See also
reference 12.)

To prevent local buckling occurring, limiting outstand/thickness ratios for
flanges and depth/thickness ratios for webs are given in BS 5950: Part 1 in
Section 3.5. Beam cross-sections are classified as follows in accordance with
their behaviour in bending:

Class 1 Plastic cross section. This can develop a plastic hinge with sufficient
rotation capacity to permit redistribution of moments in the structure. Only
class 1 sections can be used for plastic design.

Class 2 Compact cross section. This can develop the plastic moment capacity
but local buckling prevents rotation at constant moment.

Class 3 Semi-compact cross section. The stress in the extreme fibres should be
limited to the yield stress because local buckling prevents development of
the plastic moment capacity.

Class 4 Slender cross section. Premature buckling occurs before yield is
reached.

Flat elements in a cross section are classified as:
Internal elements supported on both longitudinal edges.
Outside elements attached on one edge with the other free.

Elements are generally of uniform thickness but, if tapered, the average thick-
ness 1s used. Elements are classified as plastic, compact or semi-compact if
they meet limits given in Table 7 of the code. The limiting proportions for
elements of rolled sections are shown in Figure 5.4. Note that the table in the
figure does not include angles or tees.

5.4 Bending stresses and moment capacity

Both elastic and plastic theory are discussed here. Short or restrained beams
are considered in this section. Plastic properties are used for plastic and com-
pact sections and elastic properties for semi-compact sections to determine
moment capacities.

5.4.1 Elastic theory

(1) Uniaxial bending
The bending stress distributions for an I-section beam subjected to uniaxial
moment are shown in Figure 5.5(a). Define terms for the I-section:

M = applied bending moment;

I, =moment of inertia about XX;

Z,=2 I,/D=modulus of section for XX axis;

D =overall depth of beam.
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Figure 5.5 Beams in uniaxial bending

The maximum stress in the extreme fibres top and bottom is:
fbc=fb(= Mx/zx

The moment capacity M. = pnZ,
where p, = allowable stress
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The moment capacity for a semi-compact section subjected to a moment due
to factored loads is given in Clause 4.7.5 of BS 5950: Part 1 as
M.=p,Z,
where p, = design strength

For the asymmetrical crane beam section shown in Figure 5.5(b) the
additional terms require definition:

Z, =I,/y, =modulus of section for top flange

Z,=1,/y, =modulus of section for bottom flange

y1,y2 =distance from centroid to top and bottom fibres.

The bending stresses are:
Top fibre in compression f,.= M,/Z,
Bottom fibre in tension £, = M,/Z,

The moment capacity controlled by the stress in the bottom flange is
M c=szz

(2) Biaxial bending
Consider that I section in Figure 5.6(a) which is subject to bending about both
axes. Define the following terms:

M, =moment about the XX axis

M, =moment about the YY axis

Z, =modulus of section for the XX axis

Z, =modulus of section for the YY axis

e 4
x

Vertical toad

Zx
M'/‘l‘(\ Compression
1
Mx Mx
s (x| A
A .
M’,/—“Y\ L_rz‘l::_j Tension

£z . ™
— % ’:I"l Vertical Bending Stresses
T

Compression Tension

Horizontal Bending Stresses

Figure 5.6 Biaxial bending. (a) Bending stresses
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The maximum stress at A or B is:
fA=fB= Mx/Zx+ My/Zy

If the allowable stress is p, the momient capacities with respect to XX and YY
axes are:

Mcx =prx
Mcy =Pbe

Putting the maximum stress equal to p, and substituting for Z, and Z, in the
expression above gives the interaction relationship

M /M, +M,/M,=1
This is shown graphically in Figure 5.6(b).

s

10

My
Mey

Mx
Mex

b) Interaction Dwagram

Figure 5.6 Biaxial bending: (b) Interaction diagram

(3) Asymmetrical sections

Note that with the channel section shown in Figure 5.7(a) the vertical load
must be applied through the shear centre for bending in the free member to
take place about the XX axis, otherwise twisting and biaxial bending occurs.
However, a horizontal load applied through the centroid causes bending
about the YY axis only.

For an asymmetrical section such as the unequal angle shown in Figure
5.7(b) bending takes place about the principle axes UU and VV in the free
member when the load is applied through the shear centre. When the angle is
used as a purlin the cladding restrains the member so that it bends about the
XX axis.
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5.4.2 Plastic theory
(1) Uniaxial bending

The stress—strain curve for steel on which plastic theory is based is shown in
Figure 5.8(a). In the plastic region after yield the strain increases without
increase in stress. Consider the I section shown in Figure 5.8(b). Under mo-
ment the stress first follows an elastic distribution. As the moment increases
the stress at the extreme fibre reaches the yield stress and the plastic region
proceeds inwards as shown until the full plastic moment is reached and a
plastic hinge is formed.

For single axis bending the following terms are defined:
M= plastic moment capacity

S =plastic modulus of section

Z =celastic modulus of section

p, =design strength

The moment capacity given in Clause 4.2.5 of BS 5950: Part 1 for sections
with low shear load is:
M. = pys
< 1.2p,2

Stress

Yield |
Stress, Y%

Elastic Plastic
design design region
region

Strain

a) Simplified Stress - Strain  Curve

<p,

4 T e

X X [ :
<Py! Py Py
Section Elastic Partty Fully
Plastic Plastic

b} Behaviour in Bending

Figure 5.8 Behaviour in bending
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Figure 5.9 Section with one axis of symmetry

The first expression is the plastic moment capacity, the second ensures that
yield does not occur at working loads in I sections bent about the YY axis,
For single-axis bending for a section with one axis of symmetry consider the
T-section shown in Figure 5.9. In the elastic range bending takes place about
the centroidal axis and there are two values for the elastic modulus of section.
In the plastic range bending takes place about the equal area axis and there
is one value for the plastic modulus of section:
S=M./p,
= Ab/2
where A =area of cross section
b = lever arm between the tension and compression forces.

(2) Biaxial bending

When a beam section is bent about both axes the neutral axis will lie at an
angle to the rectangular axes which depends on the section properties and
values of the moments. Solutions have been obtained for various cases and a
relationship established between the ratios of the applied moments and the
moment capacities about each axis. The relationship expressed in Sections 4.9
and 4.8.3 of BS 5950: Part 1 for plastic or compact cross sections is in the
following form:

M. N2 (M, 22y
Mcl Mcy

where M, = factored moment about the XX axis
M, =factored moment about the YY axis
M., =moment capacity about the XX axis
M., =moment capacity about the YY axis
Z, =2 for I and H sections and 1 for other open sections
Z,=1 for all open sections

A conservative result is given if Z, = Z, = 1. The interaction diagram is shown
in Figure 5.10.
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Figure 5.10 Biaxial bending

(3) Unsymmetrical sections

For sections with no axis of symmetry plastic analysis for bending is com-
plicated but solutions have been obtained. In many cases where such sections
are used the member is constrained to bend about the rectangular axis (see
Section 5.4.1(3). Such cases can also be treated by elastic theory using factored
loads with the maximum stress limited to the design strength.

5.5 Lateral torsional buckling

5.5.1 General considerations

The compression flange of an I beam acts like a column and will buckle
sideways if the beam is not sufficiently stiff or the flange is not restrained
laterally. The load at which the beam buckles can be much less than that
causing the full moment capacity to develop. Only a general description of the
phenomenon and factors affecting it are set out here. The reader should
consult references 12 and 13 for further information.

Consider the simply supported beam with ends free to rotate in plan but
restrained against torsion and subjected to end moments, as shown in Figure
5.11. Initially the beam deflects in the vertical plane due to bending but, as the
moment increases, it reaches a critical value Mg, less than the moment capac-
ity, where it buckles sideways, twists and collapses.

Elastic theory is used to set up equilibrium equations to equate the disturb-
ing effect to the lateral bending and torsional resistances of the beam. The
solution of these equation gives the elastic critical moment:

TtZEH 0.5
L*GJ )
where £ = Young’s modulus

G =shear modulus

J =torsion constant for the section

M5=%(E],GJ)°'5(1 +
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H =warping constant for the section
L =span
I, =moment of inertia about the Y'Y axis.

The theoretical solution applies to a beam subjected to a uniform moment. In
other cases where the moment varies, the tendency to buckling is reduced. If
the load is applied to the top flange and can move sideways it is destabilizing,
and buckling occurs at lower loads than if the load were applied at the centroid
or to the bottom flange.

In the theoretical analysis the beam was assumed to be straight. Practical
beams have initial curvature and twisting, residual stresses, and the loads are
applied eccentrically. The theory set out above requires modification to cover
actual behaviour. Theoretical studies and tests show that slender beams fail at
the elastic critical moment Mg and short or restrained beams fail at the plastic
moment capacity M.. A lower bound curve running between the two extremes
can be drawn to contain the behaviour of intermediate beams. Beam
behaviour as a function of slenderness is shown in Figure 5.11(b). Terms used
in the curve are defined:

M  =moment causing failure

M. =moment capacity for a restrained beam

Mg =-elastic critical moment

Lg/r,=slenderness with respect to the YY axis (see the next section).

M M 1
T=——=p 1ir¢

: Section at Centre

Y
Plan
=
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X—— || —X
10 —Hastic Critical Moment M/Me —t—
Y
[ - Section
M
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0 %0 100 150 200 0
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Figure 5.11 Lateral torsional buckling
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To summarize, factors influencing lateral torsional buckling are:

(1) The unrestrained length of compression flange. The longer this is, the
weaker the beam. Lateral buckling is prevented by providing props at
intermediate points.

(2) The end conditions. Rotational restraint in plan helps to prevent
buckling.

(3) Section shape. Sections with greater lateral bending and torsional stiff-
nesses have greater resistance to buckling.

(4) Note that lateral restraint to the tension flange also helps to resist buck-
ling. (See Figure 5.11.)

(5) The application of the loads and shape of the bending moment diagram
between restraints.

A practical design procedure must take into account the effects noted above.

5.5.2 Lateral restraints and effective length

The code states in Clause 4.2.2 that full lateral restraint is provided by a floor
slab if the friction or shear connection is capable of resisting a lateral force of
1 per cent of the maximum factored force in the compression flange. Other
suitable construction can also be used. Members not provided with full lateral
restraint must be checked for buckling.

The following two types of restraints are defined in Sections 4.3.2 and 4.3.3
of the code:

(1) Lateral restraint, which prevents sideways movement of the compression

flange; and
(2) Torsional restraint, which prevents movement of one flange relative to the
other.
I | mvownbm— |
Floor Slab Prowvides Secondary Beam Provides
Full Loteral Restraint Lateral Restraint

N

a) Lateral ond Torsional Restraint

Torsional Restraint

Free to Rotate in Plan
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Figure 5.12 Restraints and effective lengths

Restraints are provided by floor slabs, end joints, secondary beams, stays,
sheeting, etc., and some restraints are shown in Figure 5.12(a).

The effective length Lg is defined in Section 1 of the code as the length
between points of effective restraint of a member multiplied by a factor to take
account of the end conditions and loading. Note that a destabilizing load
(where the load is applied to the top flange and can move with it) is taken
account of by increasing the effective length of member under consideration.

The effective length for beams is discussed in Section 4.3.5 of BS 5950: Part
1. When the beam is restrained at the ends only the effective length should be
obtained from Table9 in the code. Some values from this table are given in
Table 5.1.

Table 5.1 Effective lengths L .—Beams

Loading conditions
Support conditions Normal Destabilizing
Beam torsionally unrestrained 1.2(L+2D) 1.4L+2)

Compression flange laterally unrestrained
Both flanges free to rotate on plan

Beam torsionally restrained 1.0L 12L
Compression flange laterally restrained
Compression flange only free to rotate

on plan

Beam torsionally restrained 0.7L 085L
Both flanges NOT free to rotate on plan

L =length of beam between restraints.
D=depth of beam.

Where the beam is restrained at intervals by other members the effective
length Lg may be taken as L, the distance between restraints. Some effective
lengths for floor beams are shown in Figure 5.12(b).
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5.5.3 Code design procedure
(1) General procedure

The general procedure for checking the lateral torsional buckling resistance of
a beam is set out in Section 4.3.7 of BS 5950: Part 1. This is:

(1) If the member or part being checked carries no loads between adjacent
lateral restraints the equivalent uniform moment factor m is evaluated.
Values of m which depend on the ratio and direction of the end moments
are given in Table 18 in the code. Values for some common load cases are
shown in Figure 5.13(a). A conservative result is given if m is taken as 1.
Note that the slenderness factor n is 1 in this case. See (7) below.

(2) Calculate the equivalent uniform moment

M= m MA
M o= maximum moment in the beam or part considered.

(3) Estimate the effective length Lg of the unrestrained compression flange
using the rules from Section 5.5.2. Minor axis slenderness A= Lg/r,, where

r,=radius of gyration for the YY axis

n([ J\M MK[\I

‘ B=0 m=0-57

(=

B=05 m=076 B=-1 m=043
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(4) Calculate the equivalent slenderness:
II.LT =uvi

where ¥ =buckling parameter allowing for torsional resistance. This
may be calculated from the formulae in Appendix B or
taken from the published table in the Guide to BS 5950: Part
1: 1985, Vol. 1, Section properties, Member Capacities,
Constrado

=0.9 conservatively for a uniform rolled I section

v =slenderness factor which depends on values of N and A/x
1o

Teg+ 1y

I.~=moment of inertia of the compression flange about the minor
axis of the section

Is=moment of inertia of the tension flangc about the minor axis
of the section

N =0.5 for a symmetrical section

x =torsional index. This can be calculated from the formula in
Appendix B or obtained from the published table in the
Guide to BS 5950: Part 1

= D/T approximately
where D = overall depth of beam
T = thickness of the compression flange.

where N=

Values of v for uniform sections are given in Table 14 of the code. For
other sections v can be calculated by the formulae in Appendix B.

(5) Read the bending strength p, from Table 11 in the code. Values of p,
depend on the equivalent slenderness 4,1 and design strength Py Graphs
giving values of p, for rolled sections are shown in Figure 5.14.
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Figure 5.14 Bending strengths for rolled sections
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(6) Calculate the buckling resistance moment:
M,= Sy
where S, = plastic modulus for the major axis
For a safe design,
M, b > M
Successive trials are needed to obtain an economic section.

(7) If loads are applied to the beam or part under consideration the slender-
ness factor nis calculated. This gives a more accurate method of correcting
for non-uniform moment in this case than using the m factor as above. The
m factor is taken as 1. Values of n given in Tables 15 and 16 of the code
depend on how the load is applied and values of the end and mid-span

moments. The general load cases, two particular beam loads and their n
factors are shown in Figure 5.13(b). The equivalent slenderness:

ALr=nuvi

The design proceeds from step (5) above.

(8) A conservative design results if m=n=1. Values of m and n are given in
Table 13 of BS 5950: Part 1. Note that if the loads are destabilizing
m=n=1.

(2) Conservative approach for rolled sections
The code gives a conservative approach for equal flanged rolled sections in
Section 4.3.7.7. The buckling resistance moment

My, = ppSy
where p, = bending strength determined from Table 19 for values of 4 and
x

A =slenderness Lg/r, (see above)
x =torsional index= D/T(see above)

The following applies when using this approach:

(1) The equivalent uniform moment factor m is taken as 1.0.

(2) The slenderness correction factor n is taken from Table 20. This modifies
the value of A used.

5.5.4 Biaxial bending

Lateral torsional buckling affects the moment capacity with respect to the
major axis only of I section beams. When the section is bent about the minor
axis only it will reach the moment capacity given in Section 5.4.2(1).

Where biaxial bending occurs, BS 5950: Part 1 specifies in Section 4.9 that
the following simplified interaction expressions must be satisfied for plastic or
compact sections:

(1) Local capacity check at point of maximum combined moments:
MM
Mcl Mcy

This design check was discussed in Section 5.4.2(2) above.
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(2) Overall buckling check at the centre of the beam:
mM, mM,
—"—=x1
M, pZ,
where m = equivalent uniform moment factor from Table 18
M, =applied moment about the major axis at the critical region
M, =applied moment about the minor axis at the critical region
M, =buckling resistance moment capacity about the major axis

Z, =elastic modulus about the minor axis.
Note that a reduced moment capacity is specified for the Y'Y axis.

More exact expressions are given in the code. Biaxial bending is discussed
more fully in Chapter 8 of this book.

5.5.5 Computer programs

BS 5950: Part 1 gives formulae for calculating the parameters used in the check
for lateral torsional buckling in the appendix. Formulae are given for m, x, v
and p, on which the tables in the code referred to above are based and the
design process is easily programmed. A computer program is of great use in
carrying out beam section checks. A beam design program is given in Chapter
11 of this book.

5.6 Shear in beams

5.6.1 Elastic theory

The value of shear stress at any point in a beam section is given by the follow-
ing expression (sc¢e Figure 5.15(a)):

f=2E2
1
where V' =shear force at the section
A=area between the point where the shear stress is required and a
free edge
y=distance from the centroid of the area A4 to the centroid of the
section
I,=moment of inertia about the XX axis
t=thickness of the section at the point where the shear stress is
required.

Using this formula the shear stresses at various points in the beam section can
be found. Thus the maximum shear stress at the centroid in terms of the beam
dimensions shown in the figure is:

14 (BT(d+ T)+E2_)

fmn=E 2 8
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Figure 5.15 Shear in beams

Note that the distribution shows that the web carries the bulk of the shear. It
has been customary in design to check the average shear stress in the web given
by:

fou=V/Dt
which should not exceed an allowable value.
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5.6.2 Plastic theory

Shear is considered in BS 5950: Part 1 in Section 4.2.3. For a rolled member
subjected to shear only, the shear force is assumed to be resisted by the web
area A,, shown in Figure 5.15(b), where:

A, = web thickness x overall depth=tD
For the T section shown in the figure:
A,=09 4,

A,=area of the rectilinear element which has the largest dimension in the
direction parallel to the load

=td

The shear area may be stressed to the yield stress in shear, that is, to 1 /\/ 3 of
the yield stress in tension. The capacity is given in the code as:

P,=0.6p,A,

The code in Table 7 also notes that when the depth to thickness ratio of the
web exceeds 67¢ it should be checked for buckling. (See Section 4.4.5 in the
code.)

If moment as well as shear occurs at the section, the web is assumed to resist
all the shear while the flanges are stressed to yield by bending. The section
analysis is based on the shear stress and bending stress distributions shown in
Figure 5.15(c). The web is at yield under the combined bending and shear
stresses and von Mises’ criterion is adopted for failure in the web. The shear
reduces the moment capacity, but the reduction is small for all but high values
of shear force. The analysis for shear and bending is given in reference 14.

BS 5950: Part 1 gives the following expression in Section 4.2.6 for the
moment capacity for plastic or compact sections in the presence of high shear
load.

When the average shear force F, is less tha 0.6 of the shear capacity P, no
reduction in moment capacity is required. When F, is greater than 0.6 P,, the
reduced moment capacity is given by:

M.=p, (S-S.p)
< 1.2pZ
pn=QS5F,/P)-15
S, =tD?*/4 for a rolled section with equal flanges

S, is defined in the code for sections with unequal flanges. Other terms used
have been defined previously.

5.7 Deflection of beams

The deflection limits for beams specified in Section 2.5.1 of BS 5950: Part 1
were set in in Section 3.6 of this book. The serviceability loads are the un-
factored imposed loads.

Deflection formulae are given in design manuals.'® Deflections for some
common load cases for simply supported beams together with the maximum
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Figure 5.16 Simply supported beams: maximum moments and deflections

moments are given in Figure 5.16. For general-load cases deflections can be
calculated by the moment area method.!%:!¢

5.8 Beam connections

End connections to columns and other beams form an essential part of beam
design. Checks for local failure are required at supports and points where
concentrated loads are applied.

5.8.1 Buckling resistance of beam webs

Types of buckling caused by a load applied to the top flange are shown in
Figure 5.17. The web buckles at the centre if the flanges are restrained,
otherwise sideways movement or rotation of one flange relative to the other
occurs.
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Figure 5.17 Types of buckling

An end bracket support and an intermediate load on a beam are shown in
Figures 5.18(a) and (b), respectively. The buckling resistance of a web to loads
applied through the flange is given in Section 4.5.2.1 of BS 5950: Part 1. This is:

Pw= (bl +nl) p.
where b, =stiff bearing length (see below)

n; =length assuming that the load is dispersed at 45 degrees through
one half the depth of the beam
t=web thickness
p.=compressive strength from Table 27(c) of the code for a value of
slenderness specified below.

The stiff bearing is defined in Section 4.5.1.3 as the length which cannot de-
form appreciably in bending. The dispersion of the load is taken as 45 degrees
through solid material. Stiff bearing lengths b, are shown in Figure 5.18(c). For

the unstiffened angle a tangent is drawn at 45 degrees to the fillet and the
length b, in terms of dimensions shown is:
by =2(t+0.293 r) — clearance
where r = radius of the fillet
t =thickness of the angle leg.

The slenderness for an unstiffened web:
A=25dt
where d =clear depth of web between fillets

This applies when the flange where the load is applied is effectively restrained
against rotation relative to the web and lateral movement relative to the other
flange.

The code states that if the flange carrying the load is not restrained the
slenderness of the web should be determined by considering the web as part of
the compression member applying the load. If the load exceeds the buckling
resistance of the web, stiffeners should be provided (see Section 6.3.7).

5.8.2 Bearing resistance of beam webs

The local bearing capacity of the web at its junction with the flange must be
checked at supports and at points where loads are applied. The bearing capac-
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ity is given in Section 4.5.3 of BS 5950: Part 1. An end bearing and an inter-
mediate bearing are shown in Figutes 5.19(a) and (b), respectively:

Bearing capacity = (b, +n3) Ipyw

where b, =stiff bearing length

n, =length obtained by dispersing the load through the flange to the
flange/web connection at a slope of 1in 2.5

1= web thickness
pyw=design strength of the web
For the beam supported on the angle bracket as shown in Figure 5.19(a) the
bracket is checked in bearing at Section ZZ and the weld or bolts to connect it
to the column are designed for direct shear only. If the bearing capacity of the
beam web is exceeded, stiffeners must be provided to carry the load (see
Section 6.3.7).

5.8.3 Beam-end shear connections
Design procedures for flexible end shear connections for simply supported
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beams are set out here. The recommendations are from the BCSA publication
Manual on Connections.*°

Two types of shear connections, beam to column and beam to beam, are
shown in Figures 5.20(a) and (b), respectively. Design recommendations for
the end plate are:

(1) Length—maximum = clear depth of web
minimum = 0.6 of the beam depth
(2) Thickness— 8 mm for beams up to 457 x 191 serial size
10 mmm for larger beams
(3) Positioning—the upper edge should be near the compression flange.

Flexure of the end plate permits the beam end to rotate about its bottom
edge, as shown in Figure 5.20(c). The end plate is arranged so that the beam
flange at A does not bear on the column flange. The end rotation is taken as
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0.03 radians, which represents the maximum slope likely to occur at the end of
the beam. If the bottom flange just touches the column at A then

t/a=0.03
or
a/t should be made <33 to prevent contact.
The joint is subjected to shear only. The steps in the design are:

(1) Design the bolts for shear and bearing.
(2) Check the end plate in shear and bearing.
(3) Design the weld between the end plate and beam web.

If the beam is notched as shown in Figure 5.20(d) the beam web should be
checked for shear and bending at Section Z-Z. To ensure that the web at the
top of the notch does not buckle, the BCSA manual limits the maximum
length of notch g to 241 for Grade 43 steel and 20¢ for Grade 50 steel, where tis
the web thickness.
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5.9 Examples of beam design

5.9.1 Floor beams for an office building

The steel beams for part of the floor of a library with book storage are shown
in Figure 5.21(a). The floor is a reinforced concrete slab supported on uni-
versal beams. The design loading has been estimated as:
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Dead load—slab, self weight of steel,

finishes, ceiling, partitions

services and fire protection: =6 kN/m?
Imposed load from Table 1 of BS6399: Part 1 =4 kN/m?

Determine the section required for beams 2A and 1B and design the end
connections. Use Grade 43 steel.

The distribution of the floor loads to the two beams assuming two-way
spanning slabs is shown in Figure 5.21:

(1) Beam 24
Servicedeadload =6x3 = 18kN/m
Service imposed load=4x 3 =12kN/m

Factored shear =(1.4x31.5)+(1.6x21) =77.7kN
Factored moment=1.4 [(31.5x2.5)—(13.5x 1.5)~- (18 x 0.5)] +
1.6 [(21 X 2.5)—( 9% 1.5) —(12x0.5)]

=122.1kNm
Design strength, Grade 43 steel, thickness <16 mm
Dy =275N/mm? (Table 6)
3
Plastic modulus S= M_1221x10° =444 cm?
Dy 275

Try 356 x 127 UB 33  5,=539.8cm?
Z, =470.6cm® I, =8200cm*
The dimensions for the section are shown in Figure 5.22(a). The checks from
Tables 7 BS 5950: Part 1 are:
e =(275/p,)°3=1.0
b/T=62.7/8.5 =1737<8.5
d/it =311.1/59 =527 <79
This is a plastic section.
The moment capacity is p,S <1.2 p,Z
P,S:=275x 539.8/10° =148.4 kNm
1.2 p,Z,=1.2x275x470.6/10° =155.3kNm
The section is satisfactory for the moment.

The deflection due to the unfactored imposed load using formulae from
Figure 5.16 is:

B 18 x 10° x 1500
0= 120=205 % 10° x 8200 < 1
24 x 10°
384 x 205 x 10 x 8200 x 10*
=1.553 +3.45
= 5.003 mm
8/span = 5.00/5000 = 1/1000 <1/360

The beam is satisfactory for deflection.

0‘[l6>< 15002 + 20 x 1500 x 2000+ 5 x 20002

[8 x 5000° — 4 x 5000 x 20002 + 2000°]




Examples of beam design 91

125-4 ;
b =627
. . 82
| Sm—
— = l 4no.20mm ¢ bolt
\ : ’

r=10-2 é
Beam ZA
-~ 356x127x33UB
: z
- e
- m
P " ).
”n [=]
ol
Beam 81
t=59 2 457 x152%60 UB
"
1 5
h— b) Connection of Beams

K

2A to B1
a) Section Oimensions

82 32421416
8
(=3
m émm fillet weid
-

g T N
= F + [+
+— = b fe] 4

1T

135
TT
2452
2137

318-5

| b0

Centroidal

axis
-_—L ‘nl —_—
area
axis

1035

33

777k

7

‘_ 104-8

C—— /™.

L

- . |

¢} End Notch and Plate d) Section at Notch

Figure 5.22 Section and end-connection beam 2A

The end connection is shown in Figure 5.22(b) and the end shear is 77.7 kN.
The notch required to clear the flange and fillet on beam B! is shown in Figure
5.22(c). The end plate conforms to recommendations given in Section 5.8.3
above. To ensure end rotation:

ajt=103.5/8=12.93 <33
The bolts are 20 mm diameter, Grade 4.6
From Table 4.2:

Single shear value on threads = 39.2kN
Capacity of four bolts =4 x 39.2 =156.8kN
Bearing capacity of a bolt on 8 mm thick end plate= 69.6 kN

Bearing on the end plate = 73.6kN
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Bolts and end plate are satisfactory in bearing. The web of beam Bl is checked
for bearing below:
Shear capacity of end plate in shear on both sides
P,=2%0.9x0.6x275x 8 (215—44)/10° =406.2kN
Provide 6 mm fillet weld in two lengths of 215 mm each.
The strength at 0.9 kN/mm from Table 4.5 is

=2(215—-12)x 0.9 =365kN
Check the beam end in shear at the notch (see Figure 5.22(d).
P,=318x59x%09x0.6x275/10° =279.0kN

Check the beam end in bending at the notch. The locations of the centroid and
equal area axes of the T section are shown in Figure 5.22(d). The elastic and
plastic properties may be calculated from first principles (see Section 2.4). The
properties are:

Elastic modulus top Z=148.5cm?
Plastic modulus S =263.3cm?

Moment capacity assuming a semi-compact section with the maximum stress
limited to the design strength:

M, =148.5x275/10°=40.8 kNm
Factored moment at the end of the notch:
M =77.7x%82/10° =537kNm
The beam end is satisfactory.

Note that the notch length 82 mm is taken from the Guide to BS 5950: Part
1: Vol. 1, Constrado.

(2) Beam BI

The beam loads are shown in Figure 5.21(c). The point load at the centre is
twice the reaction of Beam 2A. The triangular loads are:
Dead =2x1.52x6=27kN
Imposed =2x1.52x4=18kN
Factored shear =(1.4x58.5)+(1.6x39)=144.3kN
Factored moment = 1.4{(58.5 x 3) — (27 x 1.5)] + 1.6[(39 x 3) — (18 x 1.5)]
=333kNm

Plastic modulus

S =333x10%/275=1210.9cm?
Try 457 x 152 UB 60:

S,=1284cm?

Z,=1120cm?

I, =25464cm*
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The spctipn can be checked and will be found to be plastic. The moment
capacity is:

S <12pZ

PyS  =275x1284/10°=353.1kNm

1.2 pyZ=1.2x1120%275/10°=369.6 kNm
The section is satisfactory.

Shear capacity P, = 0.6 x 275 x 454.7 x 8.0/10>

=600.2kN (satisfactory)

The deflection due to the unfactored imposed loads using formula from
Figure 5.16 is:

5o 42 % 10? x 6000° . 36 x 10° x 60003
T 48x205x% 10° x 25464 X 10*  73.14 x 205 x 103 x 25464 x 10*
=5.65mm

d/span=15.65/6000=1/1062 < 1/360 (satisfactory)

The end connection is shown in Figure 5.23(a) with the beam supported on an
angle bracket 150 x 75 x 10L. Details for the various checks are shown below:

clearance ,, b m,_=227-35 4
3mm 1234

—) - e~ /(
45

7

d=4077
D= 454 7
227-35

e,

- m - -
by o N
l \ : Sramt
L4572 152x60 UB 3

L w
~—1 H
203x 203x &6 UC —_150x 75 x10L

a) Comechon ——
b) Web Buckling

_112&& n z_ 5875 _.Irﬂ

l” 1—1 45 -
. _ EL— : ;}l‘i( |

X—f—x 2 X // B —!
E% = |+ + !
. 'é‘ h\k no. 20mm © bolts

525|655l 525
¢) Web Bearing

155

5

S

as

d) Angle Bracket n Bearing

Figure 5.23 End-connection beam Bl
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(1) Buckling check (sec Figure 5.23(b)):
Stiff bearing b, =2(10+0.293x11)~3 = 234mm
Web slenderness A =2.5x407x 7/8.0 =1274
Compressive strength (Table 27(c) p.=88.6 N/mm?
Buckling resistance = Py =(by +m,) 1p;
=(23.4+227.4) 8.0 x 88.6/10° =177.7kN
Satisfactory; reaction =144.3kN
(2) Bearing check (sec Figure 5.23(c)):
Bearing capacity = (b, + n3)t pyw
=(23.4+ 58.75) 8.0 x 275/10° =180.7kN
(Satisfactory)
(3) Check bracket angle for bearing at Section XX (see Figures 5.23(d) and
4.10):
Stiff bearing 5y =8.0+2x13.3+1.172x10.2= 46.55mm
Length in bearing =2 % 52.5+46.55 =151.6 mm

Bearing capacity =151.6 x 10 x275/10° =417kN
(Satisfactory)
(4) Bracket bolts:

Provide four No. 20 mm diameter Grade 4.6 bolts
Shear capacity =4 x 39.2 =156.8kN

The bolts are adequate.
(5) Check beam Bl for bolts from 2 No. beams 2A bearing on web
8.0mm thick:

Reactions =2x77.7 =1554kN
Bearing capacity of bolts
=4 x 435x 20 x 8.0/10° =278kN

The joint is satisfactory.

5.9.2 Beam with unrestrained compression flange

Design the simply supported beam for the loading shown in Figure 5.24. The
loads P are normal loads. The beam ends are restrained against torsion
with the compression flange free to rotate in plan. The compression flange is
unrestrained between supports. Use Grade 43 steel.

P P w

i
|
f
20 L s __L vs o oo
. . 0

_50m

P = 25kN dead load
12 kN imposed  load
w = 20kN/m dead load

Figure 5.24 Beam with unrestrained compression flange
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Factored shear =(1.4x37.5)+(1.4x 5)+(1.6x18)=88.3kN
Factored moment=1.4(37.5%2.5-25x 1.5)+ 1.4 x 2 5%/8
+1.6(18x2.5-12x1].5) =130.7kNm

Try 457 x 152 UB 60. The properties are:

ry=3.23cm; x=37.5; u=0.869

S,=1280cm?
Note that a check will confirm this is a plastic section.
Design strength p, =275 N/mm? (Table 6, BS 5950)
The effective length Lg from Table 9 of BS 5950: Part |-

Lg= 5000 mm
The loads are applied within the unrestrained length. Hence the factorm=1
and n is evaluated.
Equivalent slenderness A, + = nuvi

A =5000/32.3 =154.8
N =0S5and x =137.5
A/x=154.8/37.5 =413

v =0.855 from Table 14 of BS 5950: Part |.
The loads extend outside the middle fifth of the beam (use Table 16):

B =ratio of end moments =pM/M=0
M =midspan moment =130.7kNm
y =M/M, =0

n =094

ALt =0.94 x 0.869 x 0.855 x 154.8=108.1

Bending strength (Table 11) p, =112 N/mm?2
Buckling resistance moment;

My=112x 1280/103 =143.4kNm
Shear capacity—overall depth D=454.7 mm
—web thickness 1 =8.0 mm

P,=0.6x275x454.7 x 8/10°=600.2 kN

The section is satisfactory.
The conservative approach in Section 4.3.7.7 gives:
n=0.94—Table 20
Modified slenderness 4 =0.94 x 154.8 = 145.5
For x=37.5and i=1455
pv=103.6 N/mm?—Table 19(b)
M,=103.6 x 1280/10°=132.6 kNm

The section is satisfactory.
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5.9.3 Beam subjected to bending about two axes

A beam of span 5 m with simply supported ends not restrained against torsion
has its major principal axis inclined at 30 degrees to the horizontal, as shown
in Figure 5.25. The beam is supported at its ends on sloping roof girders. The
unrestrained length of the compression flange is S5m. If the beam is 457 x 152
UB 52, find the maximum factored load that can be carried at the centre. The
load is applied by slings to the top flange.

Figure 5.25 Beam in biaxial bending

-

Let the centre factored load = WkN. The beam self weight is unfactored.

Moments M, ={W x 5/4+ (52 x 9.81 x 52 x 1.4/10* x 8] cos 30°
=1.083W+1.933
M,=M, tan 30°=0.625W+1.116

Properties for 457 x 152 UB 52:

S, =1090cm?
Z,=846cm*> r,=31lcm
x =439 u = 0.859

The section is a plastic section. The design strength p, =275 N/mm? from
Table 6 of BS 5950.

(1) Moment capacity for XX axis

Effective length—The ends are torsionally unrestrained and free to rotate in
plan and the load is destablizing. (Refer to Table 9 of BS 5950.)

Lg=1.4 (5000+ 2 x 449.8)=8259.4 mm
Slenderness A=8259.4/31.1 =265.57
The load is destabilizing.

Factors m=n=1 (Table 13 of BS 5950)

N =0.5 uniform I section
Alx=265.57/43.9=6.05
v =0.768 (Table 14 of BS 5950)

From Table 15 for y==0:
n =0.86
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Equivalent slenderness:
ALr=0.859 x 0.768 x 265.57=175.2

Bending strength p, = 50.9 N/mm? (Table 11 of BS 5950: Part 1)
Buckling resistance moment

My, =50.9 x 1090/10% = 55.5 kNm

(2) Biaxial bending

The capacity in biaxial bending is determined by the buckling capacity at the
centre of the beam (see Section 5.5.4). The interaction relationship to be satis-
fied is:

mM, mM,
M, p2Z,
The moment capacity for the YY axis

=p,Z,=275x 84.6/10>=23.3kNm

Factor m=1
(1.083 W+ 1.933)+(0.625 w+1.1 16)=
55.5 233
and W=19.8kN

5.10 Compound beams

5.10.1 Design considerations

A compound beam consisting of two equal flange plates welded to a universal
beam is shown in Figure 5.26.

(1) Section classification

Compound sections are classified into plastic compact and semi-compact in
the same way as discussed for universal beams in Section 5.3. However, the
compound beam is treated as a section built up by welding. The limiting
proportions from Table 7 of BS 5950: Part 1 for such sections are shown in
Figure 5.26. The manner in which the checks are to be applied set out in
Section 3.5.5 of the code is as follows:

(1) Whole flange consisting of flange plate and universal beam flange is
checked using 4,/7T, where
b, =total outstand of the compound beam flange
T =thickness of the universal beam flange

(2) The outstand b, of the flange plate from the universal beam flange is
checked using b,/T;, where
T = thickness of the flange plate
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Figure 5.26 Limiting proportions for flanges of compound beams fabricated by welding

(3) The width/thickness ratio of the flange plate between welds b3/T; is
checked. The limits for an unrestrained element are given in Figure 5.26:

b; = width of the universal beam flange

(4) The universal beam flange itself and the web must be checked as set out in
Section 5.3

(2) Moment capacity

The area of flange plates to be added to a given universal beam to increase the
strength by a required amount may be determined as follows. This applies to a
restrained beam (scc Figurce 5.27(a)):
Total plastic modulus required:
S.=M/p,
where M = applied factored moment

If Sys is the plastic modulus for the universal beam, the additional plastic
modulus required is:
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Su = Sx - SUB
=2BT(D+ Ty)/2
where B x T;=flange area
D =depth of universal beam

Suitable dimensions for the flange plates can be quickly established. If the
beam is unrestrained, successive trials will be required.

(3) Curtailment of flange plates

For a restrained beam with a uniform load the theoretical cut-off points for the
flange plates can be determined as follows (see Figure 5.27(b)):
The moment capacity of the universal beam:

[ — e
=
T
o
=]
A
- ————
-
a) Compaund Beam and Flange Plates
Actual cut-off Theoretical cut-off
Ry
[T Tl
W
A B
X P
wl - 1 wl

b) Curtailment of Flange Plates

o T

¢} Flange Weld

Figure 5.27 Compound beam design
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Myg=p,Sus 1.2 pyZys
Zyp =elastic modulus for the universal beam

Equate Mg to the moment at P a distance x from the support:

wLx/2—wx22=Myg
where w=factored uniform load
L =span of the beam

Solve the equation for x. The flange plate should be carried beyond the
theoretical cut-off point so that the weld on the extension can develop the load
in the plate at the theoretical cut-off.

(4) Web

The universal beam web must be checked for shear. It must also be checked for
buckling and crushing if the beam is supported on a bracket or column orifa
point load is applied to the top flange.

(5) Flange plates to universal beam welds

The fillet welds between the flange plates and universal beam are designed to
resist horizontal shear using elastic theory (see Figure 5.27(c)):

Horizontal shear in each fillet weld:
_FBT; (D-Tp
= i
where F, =factored shear
I, = moment of inertia about XX axis

The other terms have been defined above.

The leg length can be selected from Table 4.5. In some cases a very small
fillet weld is required, but the minimum recommended size of 6 mm should be
used.

Intermittent welds may be specified but continuous welds made auto-
matically are to be preferred. These welds considerably reduce the likelihood
of failure due to fatigue or brittle fracture.

5.10.2 Design of a compound beam

A compound beam is to carry a uniformly distributed dead load of 400 kN and
an imposed load of 600 kN. The beam is simply supported and has a span of
11 m. Allow 30kN for the weight of the beam. The overall depth must not
exceed 700 mm. The length of stiff bearing at the ends is 215.9 mm where the
beam is supported on 203 x 203 UC 71 columns. Full lateral support is pro-
vided for the compression flange. Use Grade 43 steel.

(1) Design the beam section and check deflection assuming a uniform section
throughout.

(2) Determine the theoretical and actual cut-off points for the flange plates
and the possible saving in weight that would result if the flange plates were
curtailed.
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(3) Check the web for shear, buckling and bearing, assuming that plates are
not curtailed.

(4) Design the flange plate to universal beam welds.

(1) Design of the beam section
The total factored load carried by the beam is:

= 1.4 (400 + 30) + (1.6 x 600) = 1562 kN (that is, 142 kN/m)
Maximum moment= 1562 x 11/8=2147.8 kNm

The loading, shear force and bending moment diagrams are shown in Figure
5.28(a).

142kN/m = 1 562kN
A‘ B Loading

781kN Nm 781kN

: Shear Force
\[ Diagram
781 kN
2147-8 kNm Bending Momert
T

\ i Diagram
i

a) Leading, Shear Force and Bending Momert Diagrams

b,= 3495 by=150-0
’—\ =
v r b=115-0%
: i

a
|y

667
617
d = 5472

| t=1341

JJ__,H::L]_ §‘

[ ba=2301 |
= 300

b} Beam Section

Figure 5.28 Compound beam
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Assume that the flanges of the universal beam are thicker than 16 mm:

py=265N/mm? (from Table 6)
Plastic modulus S, =2147.8 x 103/265=8104.9 cm3.
Try 610 x 229 UB 140, where S, =4146cm?

The beam section is shown in Figure 5.278(b). The additional plastic
modulus required =8104.9 ~ 4146 =3958.9cm?

=2x300x T; (617 + Tp)/(2 x 10%)

where the flange plate thickness T is to be determined for a width of
300 mm. This reduces to:

T2 +617 T, —13196=0
Solving gives Ty =20.69 mm.
Provide plates 300 mm x 25 mm.
The total depth is 667 mm (satisfactory).
Check the beam dimensions for local buckling:

£=(275/265)°*=1.02
Universal beam (see Figure 5.4);

Flange b/T=115.1/22.1= 5.21 <8.5x1.02= 8.67
Web dft =547.2/13.1=41.7 <79 % 1.02=80.58
Compound beam flange (see Figure 5.26):

Flange b,/T =150/22.1=6.79 <1.02x 7.5=17.65
b,/ Ty =34.95/25=1.40 <7.65
b3/T;=230.1/25=9.2 <23 x1.02=23.46
The section meets the requirements for a plastic section.
The moment of inertia about the XX axis for the compound section is
calculated. Note for the universal beam:
I,=111844cm?
L,=111844+2x30x2.5x32.17+2x30x2.5%/12
=266483 cm*
The deflection due to the unfactored imposed load is
P 5 x 600 x 10° x 11000°
384 x 205 x 103 x 266 483 x 10*
d/span=19.03/11000=1/578 < 1/360 (Satisfactory)

=19.03mm

(2) Curtailment of flange plates
Moment capacity of the universal beam:
M. =4146 % 265/10% = 1098.7 kNm

_ Referring to Figure 5.28(a), determine the position of P where the bend-
ing moment in the beam is 1098.7 kNm from the following equation:

781x— 142x2/2=1098.7
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This reduces to
x2—11x+1547=0
x =1.656m from each end

The compound section will be the elastic range at this point with an average
stress in the plate for the factored loads:

_ 1098.7x 106 x 321
266483 x 10%

Force in the flange plate:
=132.4 %300 x 25/10° =993 kN

Assume 6mm fillet weld, strength 0.9kN/mm from Table 4.5 (see (4)
below). Length of weld to develop the force in the plate:

=[993/(2x 0.9]+6=1557.7mm

Actual cut-off length= 1656 — 557.5=1098.5 mm

Cut plates off at 1000 mm from each end.

Saving in material from curtailment.

Area of universal beam = 178.4 cm?

Area of flange plates =150 cm?

Volume of the compound beam with no curtailment of plates

= 132.4 N/mm?

=328.4x1100 =36.12x 10*cm?
Volume of material saved =200 x 150=3.0 x 10*cm?
Saving in material =8.3%

(3) Web in shear, buckling and bearing

(1) Shear capacity (see Figure 5.28(b)). This is checked on the web of the
universal beam:

P,=0.6x265x617x13.1/10°=1285kN
Factored shear F, =781 kN

by=2159  n,=3335

"

3335

I | ~— 203 x 203x71 UC support

o) w Figure 5.29 (contd. overleal)
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by= 2159, n,=149:75

S |
. '/A____,__ End of fillet
- i =
ub—203 x 203x71UC  support

b) Web Crushing

300 -
r-——'fj

<
|

ct] Flange Plate to Universal Beam Weld Oesign

Figure 5.29 Buckling and bearing check and fiange weld design

(2) Web buckling (sec Figures 5.28(b) and 5.29(a)):
Web slenderness 4 =2.5x 547.2/13.1=104.4
Compressive strength (Table 27(c)) for
py=265N/mm?, p.=116.4 N/mm?
Buckling resistance:
P,=(215.9+333.5) 116.4 x 13.1/10% = 838.7 kN (Satisfactory)
(3) Web buckling (sce Figurcs 5.28(b) and 5.29(b)). Bearing capacity:
=(215.9+149.75) 13.1 x 265/10% = 1269.3 kN (Satisfactory)

(4) Flange plate to universal beam weld
See Figure 5.29(c)

Factored shear at support F,=781 kN

Horizontal shear on two fillet welds
781 x 300 x 25 x 321

T 2% 266483 x 10°

Provide 6 mm fillet welds, strength 0.9 kN/mm. This is the minimum size
weld to be used.

=0.353kN/mm



5.11 Crane beams

5.11.1 Types and uses
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Crane beams carry hand-operated or electric overhead cranes in industrial

buildings such as factories, workshops,

steelworks, etc. Types of beams

used are shown in Figures 5.30(a) and (b). These beams are subjected to
vertical and horizontal loads due to the weight of the crane, the hook load
and dynamic loads. Because the beams are subjected to horizontal loading a
larger flange or horizontal beam is provided at the top on all but beams for

very light cranes.

@nm

Universal
beam
Universal c:.:b
Beam
a) Light Crone Beams

o
L J :j:

Surge girder and watkway

Plate girder

————

b) Heaw Crone Girders

a X JL

Light Standard Heavy
Rail Rt Rail
Pncker\ I ” —e Clip
1 |
c)] Crane Rails and Fixing Crane Ral to Beam
WM

d) Connection - Crane
Beam to Column

Figure 5.30 Type of crane beams and rails and connection to column
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Light crane beams consist of a universal beam only or of a universal beam
and channel, as shown in Figure 5.30(a). Heavy cranes require a plate girder
with surge girder, as shown in Figure 5.30(b). Only light crane beams are
considered in this book.

Some typical crane rails and the fixing of a rail to the top flange are shown
in Figure 5.30(c). The connection of a crane girder to the bracket and
column is shown in Figure 5.30(d). The size of crane rails depends on the
capacity and use of the crane.

£.11.2 Crane data

Crane data can be obtained from the manufacturer’s literature. The data
required for crane beam design are:

Crane capacity

Span

Weight of crane

Weight of the crab

End carriage wheel centres
Minimum hook -approach
Maximum static wheel load

The data are shown in Figure 5.31.

End carriage wheel
centres

e

£ Lg 5
,?[ oge Jf. Y j

4+

Y Hook load \\
Minimum hook Wheel loads
approach Span

Lot 1

Figure 5.31 Crane design data

(1) Loads on crane beams

Crane beams are subjected to:
Vertical loads from self weight, the weight of the crane, the hook load and
impact; and
Horizontal loads from crane surge.

Cranes are classified into four classes in BS 2573: Rules for Design of Cranes,

Part 1: Specification for Classification, Stress Calculations and Design
Criteria for Structures. The classes are:

Class 1—light. The safe working load is rarely hoisted;
Class 2—moderate. The safe working load is hoisted fairly frequently;
Classes 3 and 4 are heavy and very heavy cranes.

Only beams for cranes of classes 1 and 2 are considered in this book. The
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dynamic loads caused by these classes of cranes are given in BS 6399: Part 1,
Section 7. The loading specified in the code is set out below.

The following allowances shall be deemed to cover all forces set up by
vibration, shock from slipping of slings, kinetic action of acceleration and
retardation and impact of wheel loads:

(1) For loads acting vertically, the maximum static wheel loads shall be
increased by the following percentages:
For electric overhead cranes 25%
For hand-operated cranes 10%

(2) The horizontal force acting transverse to the rails shall be taken as a
percentage of the combined weight of the crab and the load lifted as

follows:
For electric overhead cranes 10%
For hand-operated cranes 5%

(3) The horizontal force acting along the rails shall be taken as 5 per cent of
the static wheel loads for either electric or hand-operated cranes.

The forces specified in (2) or (3) may be considered as acting at rail level.
Either of these forces may act at the same time as the vertical load. The load
factors to be used with crane loads given in Table 2 in the code are:

Vertical or horizontal crane loads considered sepearately:
y¢=1.6
Vertical and horizontal crane loads acting together:
ye=1.4
The application of these clauses will be shown in an example.

(2) Maximum shear and moment

The wheel loads are rolling loads, and must be placed in position to give
maximum shear and moment. For two equal wheel loads:

(1) The maximum shear occurs when one load is nearly over a support;

(2) The maximum moment occurs when the centre of gravity of the loads and
one load are placed equidistant about the centre line of the girder. The
maximum moment occurs under the wheel load nearest the centre of the
girder.®

The load cases are shown in Figure 5.32.

Note that if the spacing between the loads is greater than 0.586 of the span
of the beam, the maximum moment will be given by placing one wheel load at
the centre of the beam.

Wheel  loads Maximum moment

wheel loads l l /
l i
' / = ::’i
Y . ' ) — \

Spacing Centre of gravity ¢t Beam

Span - of loads
a) Maximum  Shear b} Maximum Moment

Figure 5.32 Rolling loads: maximum shear and moment
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5.11.3 Crane beam design
(1) Buckling resistance moment for XX axis
Section properties

A crane girder section consisting of a universal beam and channel is shown in
Figure 5.33(a) and the elastic properties for a range of sections are given in the
Structural Steelwork Handbook. The plastic properties are calculated as fol-
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Figure 5.33 Crane beam design
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lows for the plastic stress distribution with bending about the equal area axis
shown in Figure 5.33(b).

First locate the equal area axis by trial and error and then calculate the
positions of the centroids of the tension and compression areas. If z is the lever
arm between these centroids, the plastic modulus:

S, =Az/2
where 4 =total area of cross section

The plastic modulus may also be calculated from the definition. This is the
algebraic sum of the first moments of area about the equal area axis.

Lateral torsional buckling

The code specifies in Section 4.11.3 that no reduction is to be made for mo-
ment gradient: that is, m=n=1.0. The effective length Lg = span for a simply
supported beam with the ends torsionally restrained and the compression
flange laterally restrained but free to rotate on plan.

The slenderness A= Lg/r,, where r,=radius of gyration for the whole
section about the YY axis.

The factors modifying the slenderness are set out in Appendix B.2.5 of the
code. The buckling parameter u=1.0. This may also be calculated from a
formula in Appendix B. The torsional index x for a flanged section sym-
metrical about the minor axis is:

x =0.566 h, (A/1)°5
where h, = distance between the shear centres of the flanges.

As a conservative approximation, 4, may be taken as the distance from the
centre of the bottom flange to the centroid of the channel web and universal
beam flange, as shown in Figure 5.33(c):

A =area of cross section

J =torsion constant
=1/3 (Zb2 +h,t,°)

b =flange width

t =flange thickness

hy =web depth

tw =web thickness

Note that the top flange of the universal beam and channel web act together,
so 1 is the sum of the thicknesses. The width may be taken as the average of the
widths of the universal beam flange and the depth of web of the channel:

T
N = m >0.5
where T.;=moment of inertia of the top flange about the YY axis
= I, (channel) + 1/2 I, (universal beam)
T =moment of inertia of the bottom flange about the YY axis

=1/2 I, (universal beam)
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The monosymmetry index for an I or T section with lipped flange is:
D
y =08QN-1) (1+7) for N >0.5

where D = overall depth of section
D, =depth of lip
= breadth of channel flange

The slenderness factor:
= {[4N(1 — N) +(4]x)*/20 +§1°5 + ¢} 702
The modified slenderness:
Air=uv. A

The bending strength p, is obtained from Table 12 for welded sections.
The buckling resistance moment:

My=Spv

This must exceed the factored moment for the vertical loads only including
impact with load factor 1.6.

(2) Moment capacity for the YY axis (see F igure 5.33(d))

The horizontal bending moment is assumed to be taken by the channel and
top flange of the universal beam. The elastic modulus Z, for this section is
given in the Structural Steelwork Handbook. The moment capacity:

M= Z,py

(3) Biaxial bending check

The overall buckling check using the simplified approach is given in Section
4.8.3 of BS 5950: Part 1. This is:

Mb Mcy
Two checks are required.

(1) Vertical crane loads with no impact and horizontal loads only with load
factor 1.6; and

(2) Vertical crane loads with impact and horizontal loads both with load
factor 1.4.

(4) Shear capacity

The vertical shear capacity is checked as for a normal beam (see Section 5.6.2).
The horizontal shear load is small and is usually not checked.



Crane beams 111

(5) Weld between channel and universal beam (see Figure 5.33(e))
The horizontal shear force in each weld:
FAy
21,
where F =factored shear
A =area connected by the weld
=area of the channel

y =distance from the centroid of the channel to the centroid of the
crane beam

I,=moment of inertia of the crane beam about the XX axis.

The elastic properties are given in the Structural Steelwork Handbook.

(6) Web buckling and bearing

The web is to be checked for buckling and bearing as set out in Section 5.8. The
length to be taken for stiff-bearing depends on the bracket construction or
other support for the crane beam (for example, if it is carried on a crane
column).

(7) Local compression under wheels (see Figure 5.33(f))

BS 5950: Part 1 specifies in Section 4.11.5 that the local compression on the
web may be obtained by distributing the crane wheel load over a length:

xp=2(Hg+7T)

Hy =rail height

T =flange thickness
Bearing stress = p/(t xg)
p =crane wheel load
t =web thickness

This stress should not exceed the design strength of the web Dyw-

5.11.4 Crane beam deflection

The deflection limitations for crane beams given in Table S of BS 5950: Part 1
are quoted in Table 3.2 in this book. These are:

(1) Vertical deflection due to static wheel loads = span/600
(2) Horizontal deflection due to crane surge calculated using the top flange
properties alone = span/500

The formula for deflection at the centre of the beam is given in Figure 5.34 for
crane wheel loads placed in the position to give the maximum moment. The
deflection should also be checked with the loads placed equidistant about the
centre of the beam, when a=c in the formula given.
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Figure 5.34 Crane beam deflection

5.11.5 Design of a crane beam

Design a simply supported beam to carry an electric overhead crane. The
design data are as follows:

Crane capacity = |00kN
Span between crane rails = 20m

Weight of crane = 90kN
Weight of crab = 20kN
Minimum hook approach = 1.lm
End carriage wheel centres = 2.5m
Span of crane girder = 55m
Self weight of crane girder = 8kN

Use Grade 43 steel.

(1) Maximum wheel loads, moments and shear

The crane loads are shown in Figure 5.35(a). The maximum static wheel loads
atA

_9 120x189
4 20x2
The vertical wheel load, including impact:
=79.2+25% =99kN

The horizontal surge load transmitted by friction to the rail through four
wheels:

=10% (100+20)/4=3kN
Load factors from Table 3.1

=T79.2kN

Dead load—self weight =14
Vertical and horizontal crane loads considered separately
= 1.6

Vertical and horizontal crane loads acting together
Y= 1.4
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Loads Causing Maximum Vertical Shear

) Crane Beam Loads

Figure 5.35 Crane and crane beam loads

The crane loads in a position to give maximum vertical and horizontal mo-
ments and maximum vertical shear are shown in Figure 5.35(b). The maxi-
mum vertical moments due to dead load and crane loads are calculated
separately:

Dead load:

Ry = = 4kN
M, =(4x2.125)—(8 x2.125%/5.5 x 2)=5.22kNm
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Crane load, including impact:

Ry =99(0.875+3.375)55.5 =76.5kN

M. =76.5%2.125 =162.6kNm
Crane loads with no impact:

M. =162.6x79.2/99 =130.1kNm
The maximum horizontal moment due to crane surge:

Rg =3(0.875+3.375)/5.5 =2.32kN

M. =232%2.125 =4.93kNm
The maximum vertical shear:

Dead load R, =4kN
Crane loads, including impact:

R, =99+99x3.0/5.5 =153.0kN

The load factors are introduced to calculate the design moments and shear for
the various load combinations:

(1) Vertical crane loads with impact and no horizontal crane load.
Maximum moment:

M. =(1.4x5.22)+(1.6 x 162.6) =267.5kNm
Maximum shear:
Fy, =(1.4=4)+(1.6x153.0) =250.4kN
(2) Horizontal crane loads and vertical crane loads with no impact.
Maximum horizontal moment:
M. =16x%x493 =7.89kNm
Maximum vertical moment:
M, =(1.4x522)+(1.6x130.1) =215.47kNm
(3) Vertical crane loads with impact and horizontal crane loads acting

together.
Maximum vertical moment:

M, =(1.4x522)+(1.4x162.6) =234.95kNm
Maximum horizontal moment;
M, =14x493 =6.9kNm

(2) Buckling resistance moment for the XX axis
The following trial section is selected:

457 x 191 UB 74 + 254 x 76 channel

Referring to Figure 5.36, the equal area axis XX and centroids of the tension
and compression areas are located and the plastic. modulus calculated.
Computations are shown in the figure. The elastic properties for this crane
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Total area=(25.4 x 0.81)+(6.81 x 2 x 1.09)+ (2 x 19.05 x 1.45)
+(42.82x0.91) =129.64 cm?
64.82=(25.4 x 0.82) +(19.05 x 1.45)+ 2 x 1.09(y — 0.81)
+(0.91(y—1.45-0.81)
y=6.618cm
2. Locate Centroids of Compression and Tension Areas
Compression Area Tension Area
Area moments about top Area moments about bottom
No Area y Ay No Area y Ay
1 20.54 0.405 8.32 1 27.62 0.725 20.02
2 27.62 1.535 42.39 2 35.00 20.27 709.5
3 12.67 3.175 47.07 3 2.18 38.59 84.12
4 397 4.441 17.63
Sum 64.83 115.41 64.80 813.59
y; =178 y2=12.56

3. Lever arm Z=46.53—-1.78-12.56=31.19 cm
4. Plastic modulus Sx =64.83 x 32.19 =2086.8cm?

Figure 5.36 Crane beam: plastic properties

beam are taken from the Structural Steelwork Handbook, and these are shown
in Figure 5.37.

The bending strength p,, taking lateral torsional buckling into account, is
determined:

Effective length—L; =span = 5500

Slenderness 1= Lg/r,= 5500/62=88.7

Factors modifying slenderness:

Buckling parameter u=1.0
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Figure 5.37 Crane beam: elastic properties

This is conservative: the value is 0.81 is calculated from the formula in Appen-
dix B of the code.
The slenderness factor v is calculated from the formulae in Appendix B:

I4=1I, (channel)+ 1/2 1, (U.B.)
=3367+835.5 =4202.5cm*

Is=1/21,(UB) = 8355cm*
4202.5
T 4202.5+835.5 0.834

The distance between the shear centres of the flanges:

h, = distance from centre of bottom flange to centroid of channel web and
universal beam flange =447.53 mm approximately (see Figure 5.37)
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Torsion constant:

=1/3[(14.52 x 190.5) + (9.12 x 428. 2)+(22.6% x 211.35)
+(2><1093x762)] =1.18 x 105 mm*
Area 4=12964 mm?

The torsional index:
x=0.566 x 447.53 (13103/1.18 x 106)°.3=26.5

This compares with D/T=24.5 from the Handbook.
The monosymmetry index  for a T section with lipped flanges, where:

D =depth of the lip =76.2mm
D =overall depth =465.3 mm
¥ =0.8[(2x0.834)— 1] [1 +(76.2/2 x 465.3)] = 0.578

The slenderness factor:

v={4x0.834(1-0. 834)+4(
=0.75
Table 14 gives:
v=0.769 for N=0.834 and 4/x=188.7/26.5=3.34
The equivalent slenderness:
Ar=1.0x0.769 x 88.7 =68.2

From Table 12 for welded sections for p, =265N/mm?
Top flange thickness = 23.6 mm total:

Po=154.3N/mm?
The buckling resistance:
M,=2086.8 x 154.3/10° =321.9kNm

+ 210.5 4 .§78}-0-5
265)— 0.5784] 0.578}

(3) Moment capacity for the top section for the YY axis
M., =265%331/10*=87.7kNm
Z, =331cm?® (from the Structural Steelwork Handbook)

(4) Check beam in bending

(1) Vertical moment, no horizontal moment:
M,=267.5kNm <M,=321.9kNm
(2) Vertical moment no impact + horizontal moment;

M,+ M, 2155 +7.89 _

M, M, 3219 877

(3) Vertical moment with impact + horizontal moment:
M, + M, 2349 ﬁ
M, M, 3219 87 7

The crane girder is satisfactory in bending.

=0.81 <1
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(5) Shear capacity (see Section 5.62)

P,=0.6x457.2x9.1 x 265/10°=611.5kN
Maximum factored shear =250.4kN

(6) Weld between channel and universal beam

The dimensions for determining the horizontal shear are shown in Figure
5.38(a). The location of the centroidal axis is taken from the Structural
Steelwork Handbook.

Horizontal shear force in each weld:

_250.4 x 3603 x 158.1
45983 x 10*

Provide 6 mm continuous fillet (weld strength from Table 4.5 is 0.9 kN/mm).

=0.31 kN/mm

(7) Web buckling and bearing

Assume a stiffened bracket 150 mm wide. The stiff bearing length allowing
3mm clearance between the beams is 73.5mm (see Section 5.8 and Figure
5.38(b)).

Slenderness A =2.5x 407.9/9.1 =112.1
Compressive strength from Table 27(c) for
py=265N/mm?
p.=105.9 N/mm?
Buckling resistance:
P,=302.1x9.1x105.9/10° =291.1kN
Factored reaction: =250.4kN
The dimensions for checking web bearing are shown in Figure 5.38(c).

Bearing capacity = 135.1 x 9.1 x 265/10=325.8 kN
(Satisfactory)

(8) Local compression under wheels

A 25 kg/m crane rail is used, and the height Hy is 65 mm. The length in bearing
is shown in Figure 5.38(d):

Bearing capacity =265 x 9.1 x 175.2/10°=422.4kN
Factored crane wheel load
=99x1.6 =158.4kN
(Satisfactory)

(9) Deflection
The vertical deflection due to the static wheel load must not exceed:
Span/600 = 5500/600 =9.17mm
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Figure 5.38 Diagrams for crane beam design

See Figures 5.34 and 5.35. The horizontal deflection due to crane surge must
not exceed:
Span/500 = 5500/500 =11mm

The vertical deflection at the centre with the loads in position for maximum
moment is

_ 79.2 x 103 x 55003 3(875+2125) 4(875%+2125%)
48 x 205 x 10® x 45983 x 10* 5500 5500°

5 x 8000 x 5500°
384 %205 % 10% x 45983 x 104

If the loads are placed equidistant about the centre line of beam a=c¢
= 1500 mm:

6=4.29+0.18 =4.47 mmm

This gives the maximum deflection.
The horizontal deflection due to the surge loads

_4.29x3x45983
79.2 x 4202.5

The crane girder is satisfactory with respect to deflection.

=4.03+0.18=4.21 mm

=1.77mm
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5.12 Purlins

5.12.1 Types and uses

The purlin is a beam and it supports roof decking on flat roofs or cladding on
sloping roofs on industrial buildings.

Members used for purlins are shown in Figure 5.39. These are cold-rolled
sections, angles, channels joists and structural hollow sections. Cold-rolled
sections are now used on most industrial buildings.

LT[ L

Cold Rolled Sections Angle Channel Joist Structural  Holiow

Sections

Figure 5.39 Sections used for purlins and sheeting rails

5.12.2 Loading

Roof loads are due to the weight of the roof material and the imposed load.
The sheeting may be steel or aluminium corrugated or profile sheets or deck-
ing. On sloping roofs sheeting is placed over insulation board or glass wool.
On flat roofs, insulation board, felt and bitumen are laid over the steel deck-
ing. Typical roof cladding and roof construction for flat and sloping roofs are
shown in Figure 5.40.

’\/\N\J\.M

Corrugated Sheeting
_— Roof  Decking

Felt

Insulation
" board \

(TR R R X O X O KX R REIOU

/ - — Joist

Decking
Ceiling
Top chord of
roof truss Flat Roof Construction

Cladding for Sloping Roof

Figure 5.40 Roof materials and constructions

The weight of roofing varies from 0.3 to 1.0 kN/m?, including the weight of
purlins or joists, and the manufacturer’s literature should be consulted.
Purlins carrying sheeting are usually spaced at from 1.4 to 2.0 m centres. Joists
carrying roof decking can be spaced at larger centres up to 6ém or more,
depending on thickness of decking sheet and depth of profile.
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Imposed loading for roofs is specified in BS 6399: Part 1 in Section 6. The
code states:

(1) Flat roofs. On flat roofs and sloping roofs up to and including 10 degrees,
where access in addition to that necessary for cleaning and repair is pro-
vided to the roof, allowance shall be made for an imposed load, including
snow of 1.5 kN/m? measured on plan or a load of 1.8 kN concentrated. On
flat roofs and sloping roofs up to and including 10 degrees, where no
access is provided to the roof other than that necessary for cleaning and
repair, allowance shall be made for an imposed load, including snow of
0.75 kN/m? measured on plan or a load of 0.9 kN concentrated.

(2) Sloping roofs. On roofs with a slope greater than 10 degrees and with no
access provided to the roof other than that necessary for cleaning and
repair the following imposed loads, including snow, shall be allowed for:
(a) Foraroofslope of 30 degrees or less, 0.75 kN/m? measured on planor

a vertical load of 0.9 kN concentrated;
(b) For a roof slope of 75 degrees or more, no allowance is necessary.

For roof slopes between 30 and 75 degrees, the imposed load to be
allowed for may be obtained by linear interpolation between 0.75 kN
/m? for a 30 degree roof slope and nil for a 75 degree roof slope.

Wind loads are generally upward, or cause suction on all but steeply sloping
roofs. In some instances the design may be controlled by the dead-wind load
cases. Wind loads are estimated in accordance with CP 3: Chapter V: Part 2.
The calculation of wind loads on a roof is given in Chapter 9 of this book.

5.12.3 Purlins for a flat roof

These members are designed as beams with the decking providing full lateral
restraint to the top flange. If the ceiling is directly connected to the bottom
flange the deflection due to imposed load may need to be limited to span/360,
in accordance with Table 5 of BS 5950: Part 1. In other cases the code states in
Section 4.12.2 that the deflection should be limited to suit the characteristics of
the cladding system.

5.12.4 Purlins for a sloping roof

Consider a purlin on a sloping roof as shown in Figure 5.41(a). The load on an
interior purlin is from a width of roof equal to the purlin spacing S. The load is
made up of dead and imposed load acting vertically downwards.

A conservative method of design is tc neglect the in-plane strength of the
roof, resolve the load normal and tangential to the roof surface and design the
purlin for moments about the XX and YY axes (see Figure 5.41(c)). If a
section such as a channel is used where the strength about the YY axis is much
less than that about the XX axis, a system of sag rods to support the purlin
about the weak axis may be introduced, as shown in Figure 5.4.1(b). The
purlin is then designed as a simply supported beam for bending about the XX
axis and a continuous beam for bending about the YY axis.

A more realistic and economic design results if the in-plane strength of the
cladding is taken into account. The purlin is designed for bending about the
XX axis with the whole vertical load assumed to cause moment.
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Figure 5.41 Design of purlins for a sloping roof

An angle purlin bent at the full plastic moment about the XX axis is shown
in Figure 5.41(d). Note that the internal resultant forces act at the centroids of
the tension and compression areas. These forces cause a secondary moment
about the YY axis. It is assumed in design that the sheeting absorbs this

moment.

BS 5950: Part 1 gives the classification for angles in Table 7, where limiting
width/thickness ratios are given for legs. The sheeting restrains the angle mem-
ber so that bending take place about the XX axis. The unsupported downward
leg is in tension in simply supported purlins, but it would be in compression
under uplift from wind load or near the supports in continuous purlins.
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The moment capacity for semi-compact outstand elements and a conserva-
tive value for plastic and compact sections is:

M.=p,Z,
Z, =elastic modulus for the XX axis

5.12.5 Design of purlins to BS 5950: Part 1, Section 4.12

The code states that the cladding may be assumed to provide restraint to an
angle section or to the face against which it is connected in the case of other
sections. Deflections as mentioned above are to be limited to suit the charac-
teristics of the cladding used.

The empirical design method is set out in Section 4.12.4 of the code, and the
general requirements are:

(1) Unfactored loads are used in the design;

(2) The span is not to exceed 6.5m; .

(3) If the purlin spans one bay it must be connected by two fasteners at each
end;

(4) If the purlins are continuous over two or more bays with staggered joints
in adjacent lines, at least one end of any single-bay member should be
connected by not less than two fasteners.

The rules for empirical design of angle purlins are:

(1) The roof slope should not exceed 30 degrees.

(2) Theload should be substantially uniformly distributed. Not more than 10
per cent of the total load should be due to other types of load;

(3) The imposed load should not be less than 0.75 kN/m?;

(4) Theelastic modulus about the axis parallel to the plane of cladding should
not be less than W,L/1800cm?, where W, is the total unfactored load on
one span (kN) due to dead and imposed load or dead minus wind load and
L is the span (mm).

(5) Dimension D perpendicular to the plane of the cladding is not to be less
than L/45. Dimension B parallel to the plane of the cladding is not to be
less than L/60.

The code notes that where sag rods are provided the sag rod spacing may be
used to determine B. The empirical formula allows for partial fixity at sup-
ports of single-span purlins due to end connections and cladding.

5.12.6 Cold-rolled purlins

Cold-rolled purlins are almost exclusively adopted for industrial buildings.
The design is to conform to BS 5950: Part 5, Code of Practice for Design of
Cold Formed Sections. Detailed design of these sections is outside the
scope of this book.

The purlin section for a given roof may be selected from manufacturer’s
data. Ward Building Components Ltd have kindly given permission for
some of their design data to be reproduced in this book. This firm produces
complete systems for purlins and cladding rails based on their cold-rolled
‘Multibeam™ section. Full information inciuding fixing methods and
accessories is given in their Technical Handbook. In addition, they have
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produced the Ward SIGMA software system for optimum design of purlins
and side rails.

The Multibeam cold-rolled section and safe loads for double-span
purlins for a limited range of purlins are shown in Table 5.2. Notes for use
of the table are:

(1) The safe loads given are service loads that can actually be applied. The
purlin weight has been deducted. Ultimate loads are also given in the
Handbook.

(2) The loads given are based on lateral restraint being provided to the top
flange by the cladding.

(3) The values given are also the permissible reversal loads due to wind
uplift if the anti-sag tie arrangements specified in the Handbook are
provided.

Table 5.2 Ward Building Components cold-rolled purlins—design data

constant

section  depth

Multibeam  Section "A" Range

Example—Section A 170/160
Depth = 170 mm; thickness = 1.6 mm

Safe loads for double-span purlins (kN/m?) including single-span end-bay members with
sleeved connections

Span Section Sufe load for purlin centres (mm} Purlin
(m) weight
1500 1675 1800 2000 (kgim)

5.0 A T35S 114 1.02 .95 0.86 3.75

A THVI6S 1.28 [N E) 1.06 0.96 4.00

A 1TT0/160 1.52 1.36 1.27 .14 +.24

A 170/170 1.70 1.52 1.41 1.27 4.51

6.0 A 170/160 1.07 0.96 0.89 0.80 4.24

A T7/170 1.19 1.07 0.99 0.89 4.51

A 2007160 1.25 1.20 .12 L.t +4.61

A 2007180 1.50 1.34 1.25 .13 5.20
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5.12.7 Purlin design examples
Example 1. Design of a purlin for a flat roof

The roof consists of steel decking with insulation board, felt and rolled-steel
joist purlins with a ceiling on the underside. The total dead load is 0.9 kN/m?
and the imposed load is 1.5kN/m?, The purlins span 4m and are at 2.5m
centres. The roof arrangement and loading are shown in Figure 5.42. Use
Grade 43 steel.

4m o 4m

i | |
f— WT . Ded lod = 9kN
1 lrnpose; load = 15 kN
A
- 1
Purlin R bm
Lattice // % E Loading
girder a
- —
Load on one purlin
Part Roof Plan
Figure 5.42 Purlin for a fiat roof
Deadload =09x4x25 =9 kN
Imposed load=1.5x4x 2.5 =15 kN
Design load =(1.4x9)+(1.6x15)=36.6kN
Moment =36.6x4/8 =18.3kN

Design strength (Table 6 of BS 5950) p,=275N/mm?
Modulus Z =18.3x10%/275=66.54cm?
Try 127 x 76 joist 13.36kg/m Z =74.94cm?

I, =4759cm*

Deflection due to imposed load:

po X 15X 10°x4000° __ e

384 % 205 % 10° x 475.9 x 10* '
é/span=12.81/4000=1/312 >1/360
Increase section to 127 x 76 joist 16.37 kg/m, I, = 569.4 cm*
S/span=1/373 (Satisfactory)
Purlin 127 x 76 joist 16.37 kg/m

Example 2. Design of an angle purlin for a sloping roof

Design an angle purlin for a roof with slope 1 in 2.5. The purlins are simply
supported and span 5.0 m between roof trusses at a spacing of 1.6 m. The total
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dead load, including purlin weight, is 0.32kN/m? on the slope and the im-
posed load is 0.75 kN/m? on plan. Use Grade 43 steel.

The arrangement of purlins on the roof slope and loading are shown in
Figure 5.43:

Dead load onslope =0.32x5x1.6 =2.56kN
Imposed load on plan=0.75x 5 x 1.6 X 2.5/2.69=5.58 kN
Design load =(1.4%x2.56)+ (1.6 x 5.58)=12.51kN
Moment =12.51x5/8 =7.82kNm

Assume that the angle bending about the XX axis resists the vertical load. The
horizontal component is taken by the sheeting.

Design strength p, =275 N/mm?

Applied moment = moment capacity of a single angle

7.82x10° =275xZ,

Elastic modulus Z, =28.4cm?

Provide 125x 75 % 10 L x 15kg/m, Z,=36.5cm?

Referring to Table 7; d/t for the downward leg=12.5
(i.e. semi-compact)

Deflection need not be checked in this case.

Example 3. Design using empirical method from BS 5950

Redesign the angle purlin above using the empirical method from BS 5950.
The purlin specified meets the requirements for the design rules.

W, = total unfactored load =8.14kN
.14 x 5000

Z =-elastic modulus= §W— =22.6cm?
Leg length perpendicular to plane of cladding

= 5000/45 =111.1mm
Leg length parallel to plane of cladding

= 5000/60 =83.3mm
Provide 120 x 120 x 8 L x 14.7kg/m. Z, =29.1cm?

— Claddin
,\.b/\ Punrlm ’

— Tep chord

Dead load = 256 kN
Imposed load = 5-58 kN
C
3
Sm
—
Loading

Figure 5.43 Angle purlin for a sloping roof
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Example 4. Select a cold-rolled purlin to meet the above requirements

Try purlin section A 140/155 from Table 5.2. Safe load for purlin span 5 m
and spacing 1675 mm = 1.02 kN/m?>.

Purlin weight = 3.75 x 9.81/103 x 1.6 = 0.02 kN/m?
Imposed load normal to the roof slope = 0.75 X 2.5/2.69 = 0.7 kN/m?
Net load on purlin = 0.7 + 0.32 — (.02 = 1.0kN/m?

The section is satisfactory and is much lighter than angle section.

5.13 Sheeting rails
5.13.1 Types of uses

Sheeting rails support cladding on walls and the sections used are the same as
those for the purlins shown in Figure 5.39.

5.13.2 Loading

Sheeting rails carry a horizontal load from the wind and a vertical one from
self weight and the weight of the cladding. The cladding materials are the same
as used for sloping roofs (metal sheeting on insulation board). Wind loads are
estimated using CP3: Chapter V: Part 2. For design examples in this section
suitable values for wind loads will be assumed.

The arrangement of sheeting rails on the side of a building is shown in
Figure 5.44(a) and the loading on the rails is shown in Figure 5.44(b). The
wind may act in either direction due to pressure or suction on the building
walls.

5.13.3 Design of angle sheeting rails

Sheeting rails may be designed as beams bending about two axes. It is assumed

Sheeting
rail

e
1 Cladding and
v T | self weight
’._ L—"1
1 l" Wind
-—
w {oad
A N =T Column
“
'L“_'I"
- ((adding L
a) Sheeting Rails on
Side of Building b) Loads on Sheeting Rail

Figure 5.44 (contd. overleaf)
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Cladding

Y
¢} Angle Sheeting Rail Axes for Bending

Figure 5.44 Sheeting rails: airangement and loading

for angle sheeting rails that the sheeting restrains the member and bending
takes place about the vertical and horizontal axes. Eccentricity of the vertical
loading (shown in Figure 5.44(b) is not taken into account.

The sheeting rail is fully supported on the downward leg. The outstand leg
for simply supported sheeting rails is in compression from dead load and
tension or compression from wind load.

The moment capacity is (see Section 5.12.4):

M.= Pyz
Z =elastic modulus for the appropriate axis
For biaxial bending:

M, + M,
M., My,

M, =moment about the XX axis

M, =moment about the YY axis

M, = buckling resistance moment for the XX axis

M, = buckling resistance moment for the Y'Y axis

<1

The design method is illustrated in the following example.

5.13.4 Design of angle sheeting rails to BS 5950: Part 1

The general requirements from Section 4.12.4 of the code set out for purlins in
Section 5.12(4) above must be satisfied. Empirical rules for design of sheeting
rails are given in Section 4.12.4.3 of the code. These state that:

(1) The loading should generally be due to wind load and weight of cladding.
Not more than 10 per cent should be due to other loads or due to loads not
uniformly distributed.

(2) Theelastic moduli for the two axes of the sheeting rail from Table 30 in the
code should not be less than the following values (see Figure 5.44(c):

(a) YY axis—parallel to plane of the cladding:
Z,>W,L,/1800cm?

W, = unfactored load on one rail acting perpendicular to the plane of the
cladding in kN. This is the wind load
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L, =span in millimetres, centre to centre of columns

(b) XX axis—perpendicular to the plane of the cladding:

Zy > W,L,/1200cm?

W, = unfactoredload on onerailingacting parallel to the plane of the cladd-
ing (kN). This is the weight of the cladding and rail

L, =span centre to centre of columns or spacing of sag rods where these
are provided and properly supported.

(3) The dimensions of the angle should not be less than the following:
D—perpendicular to the cladding < L,/45

B—parallel to the cladding < L,/60
L, and L, were defined above.

5.13.5 Cold-rolled sheeting rails

The system using cold-rolled sheeting rails designed and marketed by
Ward Building Components is described briefly with their kind permission.

The rail member is the Multibeam section placed with the major axis
vertical. For bay widths up to 6.1 m a single tubular steel strut is provided
to support the rails at mid-span. The strut is supported by diagonal wire
rope ties and the cladding system can be levelled before skeeting by
adjusting the tics. The system is shown in Figure 5.45. For larger width
bays two struts are provided. The support system can be omitted when

/ Eaves member

— V4
—
— Columns Maker up
Rail
Tubular
X strut
Rail
High tensile
steel rope
Rail diagona
N I
6-1m maximum 6-1m maximum .
30" minimum angle

a ) Side Elevation of Building

Maximum height X — metal bonded insulation —16-0m
— metal single skin —=18:0m

Cold rolled *l 'I

sheeting rail ?

Fixing
piece

b) Rail Fixing

Figure 5.45 Cold-rolled sheeting rail system
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55
constant iX

= 1]
, 1 y

20 X A

sechan depth

Multibeam  Section "B’ Range

Example—Section B 140/180
Depth = 140 mm; thickness = 1.8 mm

Table 5.3 Ward Building Components
Cold-rolled Sheeting Rail System
Safe loads for double-span sheeting rails (KN/m?)
including single-span end-bay members with sleeved connection

Span Section Safe load for rail centres/(mm) Rail weight
(m) (kglm)
1350 1700 1850 2000

5.0 B120/150 1.08 0.99 0.91 0.84 3.03
B140/150 1.32 1.20 1.10 1.02 3.26
B140/165 1.51 1.38 1.26 1.17 3.59

6.0 B140/150 0.90 0.82 0.75 0.69 3.26
B140/165 0.99 0.90 0.83 0.77 3.59
B170/155 1.24 1.13 1.04 0.96 373

using 120 mm rails on bays up to 5 m in width, provided metal cladding
fixed with self-tapping fasteners is used.

The allowable applied wind loads for a limited selection of sheeting rail
spans and spacings are given in Table 5.3. Notes regarding use of the table
are given below. The manufacturer's Technical Handbook should be
consulted for full particulars regarding safe wind loads and fixing details for
rails, support system and cladding.

Notes relating to Table 5.3 are:

(1) The loads shown are valid only when the rails and cladding are fixed
exactly as indicated by the manufacturer.

(2) The loads shown are for positive external wind loads only. For
negative suction loads multiply loads shown by a factor of 0.80).

(3) For intermediate spacings interpolation is acceptable.

5.13.6 Sheeting rail design examples
Example 1: Design of an angle sheeting rail

A simply supported sheeting rail spans 5m. The rails are at 1.5-m centres. The
total weight of cladding and self weight of rail is 0.32 kN/m?. The wind load-
ing on the wall is £0.5kN/m?. The wind load would have to be carefully
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estimated for the particular building and the maximum suction and pressure
may be different. The sheeting rail arrangement is shown in Figure 5.46(a).
Use Grade 43 steel.

[ ] 2.4 kN
—"
3
Sm

& l—— Vertical loading
o
< 375 kN
4

4 A Horizontal loading

a) Sheeting Rail ]
—_— b) Unfactored Loading

Y

c¢) Angle Rail

Figure 5.46 Angle sheeting rail

Vertical load =0.32x1.5x5=24 kN
Horizontal load=0.5 x1.5x5=3.75kN
The loading is shown in Figure 5.46(b).
The load factor y; = 1.4 for a wind load acting with dead load only. (Refer to
Table 2 of BS 5950: Part 1.)
Factored vertical moment M,=14x%24x5/8=210kNm
Factored horizontal moment M, =1.4x3.75x 5/8=3.28kNm
Design strength py =275N/mm
Try 100x 100 x8 L where Z =19.9cm?
The moment capacity:
M,=M.,=275%x19.9/103=5.47kNm
The biaxial bending interaction relationship:

M, M, 21 328
+—L=——+"_"=098 <1
M., M., 547 547 OB <
Provide 100x 100 x 8 L x 12.2kg/m.
For the outstand leg b/t = 12.5—semi-compact (Table 7).
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Example 2: Design using empirical method from BS 5950

Redesign the angle sheeting rail above using the empirical method from
BS 5950.

Unfactored wind load W, =3.75kN
Elastic modulus

Z,=27Z,=3.75x 5000/1800 =10.42cm?
Unfactored dead load W, = 24 kN

Elastic modulus
Z,=27Z,=2.4x5000/1200
Dimensions specified are to be

D—perpendicular to cladding < 5000/45=111.1 mm
B—parallel to cladding <5000/60= 83.3mm

120 x 120 x 8 L is the smallest angle to meet all the requirements.

10 cm?

Example 3: Select a cold-rolled sheeting rail to meet the following
requirements

Wind load = + 0.5 kN/m’
Span =5m
Spacing =15m

Refer to Table 5.3. Rail section B120/150 will carry 1.08 kN/m? on a span
of 5 m at 1.55 m spacing. This is the safe external pressure.
The safe suction loadis = 0.8 x 1.08 = 0.86 kN/m’
This section is satisfactory. (See Figure 5.45 for the rail support system.)

Problems

5.1 A simply supported steel beam of 6.0 m span is required to carry a uni-
form dead load of 40 kN/m and an imposed load of 20 kN/m. The floor slab
system provides full lateral restraint to the beam. If a 457 x 191 UB 67 of
Grade 43 steel is available for this purpose, check its adequacy in terms of
bending, shear and deflection.

5.2 The beam carries the same loads as in Problem 5.1 but no lateral restraint
is provided along the span of the beam. Determine the new size of universal
beam required.

5.3 A steel beam of 8.0 m span carries the loading as shown in Figure 5.47.
Lateral restraint is provided at the supports and the point of concentrated
load (by cross beams). Using Grade 43 steel, select a suitable universal beam
section to satisfy bending, shear and the code’s serviceability requirements.

DL = 90kN
iL = 70KkN
OL= 10kN/m
e S )
80 kNm
40m | som 45 kNm

T

- Lom . Figure 5.47
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5.4 Itis required to design a beam with an overhanging end. The dimension
and loading are shown in Figure 5.48. The beam has torsional restraints at
the supports but no intermediate lateral support. Select a suitable universal
beam using Grade 43 steel.

2m 3m DL = SkN/m

p
2m
T IL =10kN/m
! /]

L 70m LB-Om_J
I I 1

For P, DL=5S0kN .
IL = 40 kN Figure 5.48

5.5 A 610 x 229 UB 125 s used as a roof beam. The arrangement is shown in
Figure 5.49 and the beam is of Grade 43 steel and fully restrained by the roof
decking. Check the adequacy of the section in bending and shear and the
web in buckling and crushing.

610 x 229 UB 125 Py=300kN W, = 150 kN
\
cap plate\
A 8 )
o254 x25Lx T3 UC
30m | 3om 3-0m
- T

Cap plates 270x270x 20 mm thk
All Grade 43 steel Figure 5.49

5.6 The part floor plan for the internal panel of an office building is shown in
Figure 5.50. The floor is precast concrete slabs 125 mm thick supported on
steel beams. The following loading data may be used:

125 mm concrete slab=3.0 kN/m?

Screed finishes =1.0kN/m?
Partition =1.0kN/m?
Imposed load =3.0kN/m?

All column
203 x 203 UC 60

similar parels surround
bands shown

60m

Part office floor plan- Internal panel Figure 5.50
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Design the floor beams, assuming that the self weight of main beams and
secondary beams may be taken as 0.5 and 1.0 kN/m run, respectively.

5.7 A simply supported girder is required to span 7.0m. The total load, in-
cluding self weight of girder, is 130 kN/m uniformly distributed. The overall
depth of the girder must not exceed 500mm and a compound girder is
proposed. If the compression flange has adequate lateral restraint and the
two flange plates are not curtailed, carry out the following work:

(a) Check that a section consisting of 457 x 191 UB 98 and two No. 15
x 250 flange plates is satisfactory;

(b) Determine the weld size required for the plate-to-flange weld at the
point of maximum shear;

(c) If the girder is supported on brackets at each end with a stiff bearing
length of 80 mm, check the web shear, buckling and crushing.

5.8 A simply supported crane girder for a 200kN (working load) capacity
electric overhead crane spans 7m. The maximum static wheel loads from
the end carriage are shown in Figure 5.51. It is proposed to use a crane
girder consisting of

533x210 UB 122 and
305 x 89 x 42 kg/m channel

1
160 kN 2:8m 60kN 05 x 89x42 kg /m

/c hannel
T 1
r— p—

( ‘ —— 533 x 210UB 122

\

The weight of the crab is 40kN and the self weight of the girder may be
taken as 15kN. Check the adequacy of the girder section.
5.9 A factory building has combined roof and crane columns at 8-m centres.
It is required to install an electric overhead travelling crane. The crane data
are as follows:

crane girder Figure 5.51

Hook load =150kN
Span of crane = 15m
Weight of crane bridge =180kN
Weight of crab = 40kN
No. of wheels in end carriage = 2
Wheels centres in end carriage = 3m
Minimum hook approach = 1m

Design the crane girder using simply supported spans between columns.

5.10 Select a suitable size for a simply supported cold-rolled purlin. The pur-
lin span is 5.0m and the spacing is 1.8 m. The total dead load and imposed
load on plan are 0.22 and 0.75kN/m?, respectively. Use Table 5.2 in the
design. Redesign the purlin using the rules from BS 5950: Part 1.
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Plate girders

6.1 Design considerations

6.1.1 Uses and construction

Plate girders are used to carry larger loads over longer spans than are possible
with universal or compound beams. They are used in buildings and industrial
structures for long-span floor girders, for heavy crane girders and in bridges.

Plate girders are constructed by welding steel plates together to form I
sections. A closed section is termed a ‘box girder’. Typical sections, including a

heavy fabricated crane girder, are shown in Figure 6.1(a).

Flange Weld
’ T I
—— Wi
e ] Stiffener
/Weld
x—b > —
Section Stif feners Box Girder Heavy Crane Girder
Plate  Girder
a) Sections for Fabricated Girders
End post i
Stiffener
Flange
/
Web
b) Side Elevation of a Plate Girder

Figure 6.1 Plate girder construction
135
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The web of a plate girder is relatively thin, and stiffeners are required either
to prevent buckling due to compression from bending and shear or to promote
tension field action, depending on the design method used. Stiffeners are also
required at load points and supports. Thus the side elevation of a plate girder
has an array of stiffeners as shown in Figure 6.1(b).

6.1.2 Depth and flange breadth

The depth of a plate girder may be fixed by headroom requirements but it can
often be selected by the designer. The depth is usually made from one tenth to
one twelfth of the span. The breadth of flange plate is made about one third of
the depth.

The deeper the girder is made, the smaller the flange plates required.
However, the web plate must then be made thicker or additional stiffeners
provided to meet particular design requirements. A simplified method to ob-
tain the optimum depth is given in Section 6.3.3. A shallow girder can be very
much heavier than a deeper girder carrying the same loads.

6.1.3 Variation in girder sections

Flange cover plates can be.curtailed or single flange plates can be reduced in
thickness when reduction in bending moment permits. This is shown in Figure
6.2(a). In the second case mentioned the girder depth is kept constant
throughout.

Flange plate tapered

Flange Plate i
t
Cuv/er Plate / splice
;—% — ==
.| r—L—| /! i —
Curtailed (overed Plates Web splice

Constant Depth  Girder

al Varable Section Girders

= = = s B e ——

Tapered Ends Fish  Belly Hog - Back

b} Variable Depth Girders

llﬂﬂlllllll! | 11

¢} Haunched Ends Continuous Girder

Figure 6.2 Variation in plate girder sections
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For simply supported girders, where the bending moment is a maximum at
the centre, the depth may be varied, as shown in Figure 6.2(b). In the past,
hog-back or fish-belly girders were commonly used. In modern practice with
automatic methods of fabrication it is more economical to make girders of
uniform depth and section throughout.

In rigid frame construction and in continuous girders the maximum mo-
ment occurs at the supports. The girders may be haunched to resist these
moments, as shown in Figure 6.2(c).

6.1.4 Plate girder loads

Loads are applied to plate girders through floor slabs, floor beams framing
into the girder, columns carried on the girder or loads suspended from it
through hangers. Some examples of loads applied to plate girders through
secondary beams, a column and hanger are shown in Figure 6.3.

FT
- —55:—

a) Beam ‘Yo Girder Connections

Tigii

b) Loads from Columns, Beams and Hangers

s
4

Full strength welds

T

¢} Welded and Bolted Splices

Figwre 6.3 (contd. overleaf)
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1

ﬁ

d} Plate Girder End Connections

Figure 6.3 Plate girder connections and splices

6.1.5 Plate girder connections and splices

Typical connections of beams and columns to plate girders are shown in
Figures 6.3(a) and (b). Splices are necessary in long girders. Bolted and welded
splices are shown in Figure 6.3(c) and end supports in Figure 6.3(d).

6.2 Behaviour of a plate girder

6.2.1 Girder stresses

The stresses from moment and shear for a plate and box girder in the elastic
state are shown in Figure 6.4. The flanges have uniform direct stresses and the
web shear and varying direct stress.

VA

a) Flange Bending Stresses b) Web Shear ond Bending

Stresses

Figure 6.4 Stresses in plate and box girders

Plate and box girders are composed of flat plate elements supported on one
or both edges and loaded in plane by bending and shear. The way in which the
girder acts is determined by the behaviour of the individual plates.

6.2.2 Elastic buckling of plates

The components of the plate and box girder under stress can be represented by
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the four plates loaded as shown in Figure 6.5. The way in which the plates
buckle and the critical buckling stress depend on the edge conditions, dimen-
sions and loading. The buckled plate patterns are also shown in the figure.

In all cases the critical buckling stress can be expressed by the equation:
12,17

n* E t
er = K-_“ -2
Pe= R =79 (b)

1 : .

\'—‘\

T e

Square Long

)

a) Unifom  Compression

T
(=]

P

M

Free

b) Uniform Compression - One Edge Free

b

A

¢) Shear Stress

d} In Plane Bending Stress

All edges simply supported except as onoted in (b)
Figure 6.5 Elastic buckling of plates
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K =buckling coefficient that depends on the ratio of plate length to width
a/b (the edge conditions and loading case)

E =Young’s modulus
v =Poisson’s ratio
t =plate thickness

Some values of X for the four plates are shown in Figure 6.6. Note that the
plate length a shown is also the stiffener spacing on a plate girder.

Length @ Buckling Limiting Value

width b Coefficient, k of b/t for

Plate aond Load Per = yield

stress
o — 10 40 51-9
- - ° 5.0 40 5 9

S B
_— -— 10 1425 309
- o 0425 16-9
Free

! | 1.0 935 781
‘ | L 5-35 60-0
10 256 133
minimum 23 1244

All edges simply supported except as noted.
Figure 6.6 Buckling coefficients and limiting values of width/thickness ratios

The critical stress depends on the width/thickness ratio b/¢. Limiting values
of b/t, where the critical stress equals the yield stress, are also shown in Figure
6.6. These values are for Grade 43 steel for plate up to 16 mm thick, where the
yield stress p, =275 n/mm?. The values form the basis for the semi-compact
section classification given in Table 7 in BS 5950.

The web plates of girders are subjected to combined stresses caused by
direct bending stress and shear. An interaction formula is used to obtain
critical stress combinations. Discussion of this topic is outside the scope of this
book, where simplified design procedures given in the code are used. The
reader should consult references 17 and 18 and Appendix H of BS 5950: Part 1.
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6.2.3 Post-buckling strength of plates
(1) Plates in compression

The plate supported on two long edges shown in Figure 6.7(a) can support
more load on the outer parts following buckling of the centre portion. The
behaviour can be approximated by assuming that the load is carried by strips
at the edge, as shown in Figure 6.7(b). The load is considered to be carried on
an effective width of plate.'? This principle is used in the design of thin plate
members. An alternative method is adopted in the code, when the design
strength of a slender cross-section is reduced in proportion to its slenderness.

(See Section 3.6 of the code.)
yield sfress\
- B=

o} Actual Stress Distribution b) Effective Width Simplification

lIiiN

Figure 6.7 Post-buckling strength: plate in compression

A plate supported on one long edge buckles more readily than the plate
above and the strength gain is not as great. Stiffeners increase the load that can
be carried (see Figure 6.6).

(2) Plates in edge bending

These plates can sustain load in excess of that causing buckling.'? Longi-
tudinal stiffeners in the compression region are very effective in increasing the
load that can be carried. Such stiffeners are commonly provided on deep plate
girders used in bridges (see Figure 6.5).

(3) Plates in shear

A strength gain is possible with plates in shear where tension field action is
considered. This is a new inclusion in the code.

Thin unstiffened plates cannot carry much load after buckling. Referring to
Figure 6.6, the critical buckling stress is increased if stiffeners are added.
However, the stiffened plate can carry more load after buckling in the diagonal
tension field, as shown in Figure 6.8. The flanges, stiffeners and tension field
act like a truss, 1319

If the bending strength of the flanges is ignored, the tension field develops
between the stiffeners, as shown in Figure 6.8(a). If the flange contribution is
included the tension field spreads as shown in Figure 6.8(b). Failure in the
girder panel occurs when plastic hinges form in the flanges and a yield zone in
the web, as shown in Figure 6.8(c).!®

Design formulae based on theoretical and experimental work have been
developed to take tension field action into account. The design method in the
code also includes the flange contribution. The resistance of the web is thus the
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0/
i
I
i

/

1 ]

a) Tension Field in Web only b} Flange Contribution Included

7 Plastic hinges

( ‘ 1 ) Yield zone in web
)

-~

—

¢} Failure Mechanism

Figure 6.8 Tension field action and failure mechanism

sum of the elastic buckling strength, the tension field and the flange strength.

Note that in the internal panels tension fields in adjacent panels support
each other. In the end panels the end post must be designed as a vertical beam
supported by the flanges to carry the tension field (see Figures 6.8(a) and (b)).
Expressions have been derived for loads on the end post.'?

6.3 Design to BS 5950: Part 1

6.3.1 Classification of girder cross sections

The classification of cross sections from Section 3.5 of Bs 5950: Part 1 was
given in Section 5.3 (Beams). The limiting proportions for flanges and webs
for built-up sections from Table 7 in the code are given in Figure 6.9. The
limits for welded sections are lower than those for rolled sections because
welded sections have more severe residual stresses and fabrication errors can
also adversely affect behaviour. (The reader should refer to the code for treat-
ment of slender cross sections.)

b

i 4
il

——3

:;—_! - —Lt

]k
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Class of Section
Type of Element -
Ptastic Compact Semi - compact

Outstand  element of b ‘
compression  flange T € 75¢€ 85S¢ 13e
Internal efement of b
compression  flange T € 23e 25¢ 28¢
Web with neutral d
axis at mid depth T € e 98e 120e

e = {275/p, } 5

Figure 6.9 Classification of girder cross sections

6.3.2 Moment capacity

The moment capacity for plate girders is given in Section 4.4 of BS 5950: Part
1. For sections where flanges meet the requirements for plastic compact or
semi-compact section given in Figure 6.9 the moment capacity is given by:

(1) If the depth/thickness ratio d/t for the web is less than 63¢, the moment
capacity is determined in the same way as for beams given in Section 5.4.2.
The stress distribution is shown in Figure 6.10(a).

(2) Ifthe depth/thickness ratio d/t for the web is greater than 63¢, the moment
capacity should be calculated using one of the following methods:

(a) Moment and axial load are assumed to be resisted by the flange only
with each flange subjected to a uniform stress p,. The web is designed
to resist shear only;

(b) Moment and axial load are assumed to be resisted by the whole sec-
tion. The web is designed for combined shear and longitudinal stress;

(c) Partof the load may be assumed to be resisted by method (a) and part
by method (b).

Only method (a) will be considered in this book.

The stress distribution in bending for this case is shown in Figure 6.10(b). The
moment capacity for a girder with restrained compression flange is:

M, =BT (d+T)p,
Where B=flange

T =flange thickness
d =web depth

For cases where the compression flange is not restrained, lateral torsional
buckling may occur. This is treated in the same way that was set out for beams

in Section 5.5. The bending strength p,, for welded sections is taken from Table
12 in the code.
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o) Whole Section Resists Moment
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¢) Optimum Depth Design Chart

Figure 6.10 Plate girder stresses and optimum depth

6.3.3 Optimum depth

The optimum depth based on minimum area of cross section may be derived
as follows. This treatment applies to a girder with restrained compression
flange for a given ratio of web depth to thickness. Define terms:
do =distance between centres of flanges
=(, clear depth of web approximately
R =ratio of web depth/thickness = dy/t
A = area of flange
§ =plastic modulus based on the flanges only
= Ado
A= S/d,
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A, =area of web=d,t=d,*/R
A =total area =2S8/dy+dy%/R
Differentiate with respect to dy and equate to zero to give
do =(R S)Us

Curves drawn for depth d, against plastic modulus S for values of R of 150,
200 and 250 are shown in Figure 6.10(b). For the required value of

S=M |p,
the optimum depth d,, can be read from the chart for a given value of R, where
M = applied moment.

6.3.4 Shear capacity and web design
(1) Minimum thickness of web

This is given in Section 4.4.2 of BS 5950: Part 1. The following two conditions
must be satisfied for webs with intermediate transverse stiffeners:

(1) Serviceability to prevent damage in handling:
Stiffener spacing a>d (>2d/250

d a 0.5
i i d t2 -
Stiffener spacing a< F( d)

(2) To avoid the flange buckling into the web. This type of failure has been
observed in girders with thin webs.!3

Stiffener spacing a<1.5d t>i Py o
paciigas . = 250 \ 455

Where d=depth of web
t =thickness of web

Py =design strength of compression flange

(2) Design for strength

The design of thin webs is covered in Section 4.4.5 of BS 5950: Part 1 and
applies to webs carrying shear stress only. This states that webs with inter-
mediate stiffeners may be designed either without tension field action or with
tension field action. Different panels between stiffeners may be designed by
either method.

(3) Design without utilizing tension field action

The shear buckling resistance is given in Section 4.4.5.3 of BS 5950: Part 1 by
Ve = qecdt

where g., =critical shear strength given in Tables 21(a) - (d) in the code.

Values of ¢., depend on the web depth to thickness ratio d/r and the stiffener
spacing a given in terms of the ratio a/d. Note that for girders with no stiffeners
a/d should be taken as infinity.
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(4) Design utilizing tension field action
The shear buckling resistance of a stiffened panel is given in Section 4.4.5.4 by
Vy=qydt
where g, = basic shear strength given in Tables 22(a) — (d) in the code.

The stress gy, includes the critical shear stress and an additional stress to take
account of tensile membrane action in the web.

Note that the above expression can only be used to design internal and end
panels meeting requirements set out in Sections 4.4.5.2 and 4.4.5.4.3, as ap-
propriate, in the code.

The code states that if the flanges are not fully stressed the shear resistance
may be increased to:

Vo=go+ qe(K;)**)dt

<0.6 p,dt
where ¢; =flange-dependent shear strength factor taken from Tables
23(a)—(d).
K o= q-T
aM pw Pyt
where M, = plastic moment capacity of the flange
=puB T%/4
M,,, = plastic moment capacity of the web
=p,utd*/4
f =mean longitudinal stress in the flange
= M/(doBT)

Dy =design strength of the flange
M =applied moment

The dimensions B, T, ¢, d and d, are defined above and are shown in Figure
6.10.

6.3.5 Stiffener design

Two main types of stiffeners used in plate girders are:

(1) Intermediate stiffeners. These divide the web into panels and prevent it
from buckling. They resist direct forces from tension field action if utiiized
and possible external loads.

(2) Load-bearing stiffeners. These are required at all points where substantial
loads are applied and at supports to prevent local buckling and crushing
of the web.

The stiffeners at the supports are termed ‘end posts’. The design of the end
posts where tension field action is taken into account is dealt with in Section
6.3.8. Note that other special-purpose stiffeners are defined in BS 5950: Part 1
in Section 4.5.1. Only the types mentioned above will be discussed in this
book.
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6.3.6 Intermediate transverse stiffeners

Transverse stiffeners may be placed on one or both sides of the web, as shown
in Figure 6.11. Flats are the most common stiffener section used. The require-
ments and design procedure are set out in Section 4.4.6 of Bs 5950; Part 1.
Only stiffeners not subjected to external loads are considered here. The code
should be consulted for design of stiffeners subjected to external loads. The
design process is:

(1) Spacing. This depends on:
(a) Minimum web thickness (see Section 6.3.4(1));
(b) Web shear capacity required. The closer the spacing, the greater the
shear capacity (see Section 6.3.4(2)).
(2) Outstand. This is given in Section 4.5.1.2 of the code. The oustand should
not exceed 192,¢ (see Figure 6.11), where

t,=thickness of stiffener
£ =(275/p,)%*

When the outstand is between 13¢,¢ and the 194,¢ the design is to be based on a
core section with an outstand of 13¢,.
(3) Minimum stiffness

For the case where the stiffener spacing a is less than ,/2d the moment of
inertia s of the stiffener about the centre line of the web is to be such that:

L>15d8/a?

Elevation Section

Sectional Plan

Outstand
1

s

Stiffened Detail

Figure 6.11 Intermediate transverse stiffeners
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where d=depth of web

t =minimum required web thickness for spacing a using tension field
action

a= actual stiffener spacing

Note that additional stiffness is required where stiffeners are subject to lateral
loads or to moments due to eccentricity of transverse loads relative to the web.
No increase is needed where transverse loads are in line with the web.

(4) Buckling check

This check is only required for intermediate stiffeners in webs designed using
tension field action. The stiffener should be checked for buckling for a force:

F,=V-Vs <P,
where V'=maximum shear adjacent to the stiffener

V, = shear buckling resistance of the web without using tension field
action (see Section 6.3.4).

= Vcr = qCI‘d’

P,=buckling resistance of an intermediate stiffener (see Section
6.3.7)

(5) Connection of intermediate stiffeners to web

The connection between each plate and the web is to be designed for a shear of
not less than:

r/(5b,) kN/mm
where = web thickness (mm)
b, = outstand of the stiffencr (mm)

The code states that intermediate stiffeners may be cut off at about 4¢ above
the tension flange. The stiffeners should extend to the compression flange but
need not be connected to it (see Figure 6.11).

6.3.7 Load-bearing stiffeners

Load-bearing stiffeners are required to prevent local buckling and crushing of
the web due to concentrated loads applied through the flange when the web
itself cannot support the load. The capacity of the web alone in buckling and
bearing was discussed in Sections 5.8.1 and 5.8.2, respectively.

The design procedure for these stiffeners is set out in Section 4.5 of BS 5950:
Part 1. The process is as follows:

(1) Outstand. This is the same as set out for intermediate stiffeners in Section
6.3.6(2).
(2) Buckling resistance of stiffeners. This is set out in Section 4.5.1.5 of BS
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5950: Part 1 (see Figure 6.12(a)). The stiffener is designed as a strut of area
A, at the centre of the girder where:

A,=area of stiffener plus 20 times the web thickness on
either side of the centre line of the stiffener.
=2b,t,+401?
where b, = stiffener outstand

t, = stiffener thickness

t =web thickness
The radius of gyration is taken about the centroidal axis of the strut area
parallel to the web. The effective length Lg to be used in calculating the

slenderness ratio of the stiffener acting as the strut is:
(a) Intermediate transverse stiffeners:

Lg=0.7L

(b) Load-bearing stiffeners where the flange through which the load is applied
is restrained against lateral movement is:
(1) Where the flange is restrained against rotation in the plane of the
stiffener by other elements:

Lg=0.7L
(ii) Where the flange is not so restrained:
Le=1.0L
where L =length of stiffener

Note that the code states that if no effective lateral restraint is provided the
stiffener should be designed as part of the compression member applying the
load.

The design strength from Table 6 is the minimum for the web or stiffener. It
should be reduced by 20 N/mm? for welded construction. (See Clause 4.7.5 in

the code.) The compressive strength p. is taken from Table 27(c). The buckling
resistance is:

Intermediate stiffener Py=p.As>F,

Load bearing stiffener P,=p As> F,

where F,=intermediate stiffener force (see Section 6.3.6(4) above)
F,=external load or reaction

If the load-bearing stiffener also acts as an intermediate stiffener the code
states that it must be designed for the combined load F, + F,. This will only
apply when the web is designed for tension field action.

(3) Bearing resistance

This is set out in Section 4.5.4.2 of BS 5950: Part 1. The area of stiffener 4 in
contact with the flange is to be such that:

0.8F,
pys

A>
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Figure 6.12 Load-bearing stiffeners

where F, =external load or reaction
Pys = design strength of stiffener

The area A is shown in Figure 6.12(c). Note that the stiffener has been cham-
fered at the top to clear the web/flange weld.

(4) Web check between stiffeners

It may be necessary to check the compression edge of the web if loads are
applied to it direct or through a flange between web stiffeners. A procedure to
make this check is set out in Section 4.5.2.2 of BS 5950: Part 1. (The reader is
referred to the code.)

6.3.8 End-post design

The end post of a plate girder may consist of a single end plate or double
stiffeners, as shown on Figure 6.13. The design procedure is set out in Sections
4.45.4.2 and 4.4.5.4.4. of BS 5950: Part 1. This is summarized as follows:

(1) End panel not designed utilizing tension field action. Design the end post
as a load-bearing stiffener as set out in Section 6.3.7.

(2) End panel and internal panels designed utilizing tension field action. In
addition to carrying the reaction the end post must be designed as a beam
spanning between the flanges. The two cases shown in the figure are dis-
cussed below.

References should be made to the code for the case where the interior panels
are designed utilizing tension field action but the end panel is not.
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(1) Single end plate (see Figure 6.13(a))
The single end plate acts as both bearing stiffener and end post. It must be
connected by full-strength welds to the flanges. The design is made for:

(1) Compression due to the vertical reaction.
(2) Compression due to a moment 2/3 M,; from the tension field force. (Myis

defined below.)

(2) Double stiffeners (see Figure 6.13(b)

The inner bearing stiffener carries the vertical reaction from the girder. It is
checked for bearing at the end and for buckling at the centre (see Section

6.3.7).

Bearing stiffener and r—End post
end post
7 ) S
Full” /
sirength
welds
—1 \\ —
‘V iﬂ \Beuring stif fener
Reaction Reaction
20t 20t

204

1

L b r
T L

Strut Area for Buckling and Strut  Area for Buckling

B

Arec Resisting Moment and Shear

e

~\—\‘. N

Aren  Resisting Moment

S

e

a) Single End Plate

e

|
-

b} Double Stiffeners

Figure 6.13 End-post design
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The end posts is checked as a beam spanning between the flanges of the
girder. It is designed to resist a shear force R and a moment M, due to the
tension field force.

The expressions to derive the shear and moment given in the code are:

Shear Ry; =H,/2

Moment M= H,d/10

The force from the tension field
q 0.5
H,=0.75 1-==
=013 ey ( o_e,,,>
f. =applied shear stress
g = basic shear stress

g.. =critical shear stress for the panel designed
for tension field action

d =web depth
t =web thickness

If f, < ¢v, H, may be reduced by the ratio

(fv - qcr)
g~ Ger

The shear capacity of the end post is:

P,=0.6 p,St
S =length of web between stiffeners
t =web thickness

The shear capacity P, must exceed the shear from the tension field Ry.
The moment capacity of the end post at the centre of the girder, assuming
that the flanges resist the whole moment, is:

M,=p, BT (S+T)
where B=stiffener width
T = stiffener thickness

Note that proportions should be selected so that the plates selected are semi-
compact as a minimum requirement. The moment capacity M, must exceed
the moment due to tension field action M. At the centre of the girder the
bearing stiffener is subject to compression from the reaction and to tension
from the moment due to tension field action. The separate checks only are
made at this section.

A local capacity check for combined bearing and bending is made for the
bearing stiffener at the bottom joint with the flange. The interaction ex-
pression is:

F, x M tf

+
Ap, M,

where F, =reaction
A =area of bearing stiffener in contact with flange

<1
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M, =moment due to tension field action

M, =moment capacity of the end post based on
area A for the bearing stiffener

=pyA(S+T)
The welds between the bearing stiffener and web must be designed to carry the
reaction and the shear from the end-post beam action.

The application of the design procedure is given in the example in Section
6.6.

6.3.9. Flange to web welds
Fillet welds are used for the flange to web welds (see Figure 6.14). The welds
are designed for the horizontal shear per weld:
FAy
210,
where F=applied shear
A =area of flange

y=distance of the centroid of 4 from the cent:zia
of the girder

1; =moment of inertia of the girder about the XX axis

The fillet weld can be intermittent or continuous, but continuous welds made
by automatic welding are generally used.

/A

— 7]

™ Fillet welds

Figure 6.14 Flange-to-web weld

6.4 Design of a plate girder

A simply supported plate girder has a span of 12m, and carries two concen-
trated loads on the top flange at the third points, consisting of 450 kN dead
load and 300 kN imposed load. In addition, it carries a uniformly distributed
dead load of 20 kN/m, which includes an allowance for self weight and an
imposed load of 10 kN/m. The compression flange is fully restrained laterally.
The girder is supported on a heavy stiffened bracket at each end. The material
is Grade 43 steel. Design the girder without utilizing tension field action.

6.4.1 Loads, shears and moments

The factored loads are:

Concentrated loads =(1.4 x450)+(1.6 X 300) = 1 10kN
Distributed load =(1.4x20)+ (1.6 x10) =44kN/m
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1110 kN 1 MO kN
L4kN/m
C E b (
AL " 8
f 4m | 4m 1 am
| — e —t—
1374 kN 1 374 kN
a} Loading

1330 1242

137% / /

1m ' 88
30m 1198 3%

b} Shear Force Diagram Shears- kN

5144 5232 Sth4

¢) Bending Moment Oiagram Moments-kNm

Figure 6.15 Load, shear and moment diagrams

The loads and reactions are shown in Figure 6.15(a) and the shear force dia-
gram in Figure 6.15(b). The moments are:

M.=(1374x 4)— (44 x 4 X 2) =5144kNm
Me=(1374%6)— (1110 x 2) - (44 X 6 X 3) =5232kNm

The bending moment diagram is shown in Figure 6.15(c).

6.4.2 Girder section for moment
(1) Design for girder depth span/10

Take the overall depth of the girder as 1200 mm and assume that the flange
plates are over 40 mm thick. Then the design strength from BS 5950: Part 1,
Table 6, for plates is p, =245 N/mm?2.

The flanges resist all the moment by a couple with lever arm of, say,
1140 mm, as shown in Figure 6.16(a). The flange area is:

_5232x 108

1140 x 245
Make the flange plates 450 min X 45 mm, giving an area of 20 250mm?. The

=18 733 mm?
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girder section with web plate 10 mm thick is shown in Figure 6.16(b).
The flange projection b is 220 mm and the ratio:

b/T=220/45=4.89
Referring to Table 7 of the code, the ratio:

b 275\0:5
—=489<75=75=~>) =7.
F=489<7.5 75(245) 7.94

The flanges are plastic and the area of cross section is 51 600 mm?.

(2) Design using the optimum depth chart

Redesign the girder using the optimum depth chart shown in Figure 6.10.
Assume that the flange plates are between 16 and 40 mm thick. Then the
design strength from Table 6 of the code is:

Py=265N/mm?
Plastic modulus S, = 5232 x 103/265=19.74 x 10® cm?

Using curve dp/t =150, the optimum depth d, = 1450 mm
Make the depth 1500:
5232 x 108

= 0000 0 = 2
Flange area 1500 X 265 13162 mm

Provide flanges 500 x 30 mm giving an area of 15000 mm?. The girder section
with web plate 10 mm thick is shown in Figure 6.16(c). Note that the actual
dp/t ratio is 144,

The flange projection b is 245 mm and the ratio b/T=245/30=8.17. Refer-
ring to the limits in Table 7 in the code, the flanges are compact. The area of
cross-section is 44400 mm?. The saving in material compared with the first
design is 13.9 per cent.

The design will be based on a depth of 1200 mm because of headroom
restriction.

450
b=
Flange force 0 -

e
)

—_1—

[~

2

£

o el g8
- o~

5 =10 | ¥

i

-~ —— 4 |
-

a) Flange Forces bl Section for Oepth 1200mm

Figure 6.16 (contd. overleaf)
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d, = 1470
4
150

b=
245 500

c) Section at Optimum Depth

Figure 6.16 Plate girder sections

6.4.3 Design of web
(1) Minimum thickness of web (Section 4.4.2 of BS 5950)

An arrangement for the stiffeners is set out in Figure 6.17. The design strength
of the web p, =275 n/mm? from Table 6 of BS 5950: Part 1 for plate less than
16 mm thick. The minimum thickness is the greater of:

(1) Serviceability. Stiffener spacing a > depth 4 in the centre of the girder.
Web thickness 1 = 1110/250=4.4 mm.

(2) To prevent the flange buckling into the web:
Stiffener spacing a < 1.5 depth d:

1110(275 0.3
. > ikl N
Web thickness ¢ 350\ 45 5) 3.45mm

Intermediate Load bearing ¢ Girder
stif feners stitfener [
]
I ]
a=1000 a=13333
End 09d Web = 1-2d
posr—_‘ 10 mm
L (@ 1000 = & 000 ‘L 3@ 13333 = 4000
L

Figure 6.17 Stiffener arrangement

(2) Buckling resistance of web (Section 4.4.5.3 of Bs 5950)

Try a 10 mm thick web plate. The buckling resistance is checked for the max-
imum shear in the end panel:
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Web depth/thickness ratio dft=111

Stiffener spacing/web depth ratio
a/d=100/1110=0.9

From Table 21(b) in the code the critical shear strength:
Ger=136.8 N/mm?
Shear buckling resistance:
V,=1368x10x1110/10* =1518.4kN
Factored shear F, =1374kN

The stiffener arrangement and web thickness are satisfactory.

6.4.4 Intermediate stiffener

(1) Trial size and outstand (Section 4.5.1.2 of BS 5950)
Try stiffeners composed of 2 No. 60 mm x § mm flats:

Design strength p, =275 n/mm? (Table 6)
Factor¢=1.0
Outstand 60 <13 x 8=104 mm

(2) Minimum stiffness ( Section 4.4.6.4 of BS 5950)

157

The intermediate stiffener is shown in Figure 6.18. The moment of inertia

about the centre of the web is:
I,=8x130%/12 =1.464 x 10° mm*

>1.5>< 11103 x 83
10007
when the spacing a= 1000 mm
< /2 (1100)=1569.5mm

=1.05 % 10° mm*

Note that ¢, the minimum required web thickness for spacing a= 1000 mm

1
’ V

4 no. 6

—'H‘a—— fillet ’:r:lds

v

i Stiffeners
60x8

1078
130

a) Stiffener b) Section

Figure 6.18 Intermediate stiffener
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using tension field action, is 8 mm. (See Section 6.5 below.) The stiffener is
satisfactory with respect to stiffness. In a conservative design =10 mm.

L,>1.5%x1110 x 10%/1000>=2.05 x 10° mm*
Stiffeners 70 mm % 8§ mm are then required.

(3) Connection to web, (Section 4.4.6.7 of BS 5950)
Shear between each flat and web
=10?%/8 x 60 =0.208 kN/mm on two welds
Use 6 mm fillet weld, strength 0.9 kN/mm.
Four continuous fillet welds are provided.

6.4.5 Load-bearing stiffener
(1) Trial size and oustand

Try stiffeners composed of 2 No. 150 mm x 15 mm plates as shown in Figure
6.19:

Outstand 150<13 x 15 =195mm
The stiffener is fully effective in resisting load.

(2) Bearing check (Section 4.5.4.2 of BS 5950)

The area in bearing at the top of the stiffener is shown in Figure 6.19(b). The
stiffeners have been cut back 15 mm to clear the web to flange welds:
Design strength of stiffener p,, =275 N/mm?
A=2x15x%x135 =4050 mm?
>0.8x 1110 x 10%/275 = 3229 m? (satisfactory)

(3) Buckling check

The stiffener area at the centre of the girder acting as a strut is shown in Figure
6.19(c). The stiffener properties are calculated from the dimensions shown:
150

135 115

\ "

T 7] _stitfeners 15 bne 6mm
150 x 15 |1 _ﬂ-_/le we
P=3
el x_ / LL X
g " ~ T
200 | 200
1 A b) Bearing Area c) Strut Area
[ ] = A 2T A
at Top at Centre
a) Section —_— ot fenfre

Figure 6.19 Load-bearing stiffener
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A =(2% 150 x 15)+ (400 x 10) = 8500 mm?
I, =15x310%/12 =37.23 x 10 mm*
re =(37.23 x 10%/8500)°-3 =66.1 mm

Assume that the flange is restrained against lateral movement and against
rotation in the plane of the stiffeners:

Slenderness A =0.7x1110/66.1=11.8

Design strength =275—20= 255 N/mm? (Table 6) (This is reduced for
welded construction)

Compressive strength p. =255 N/mm? (Table 27(c))
Buckling resistance:

P,=255x8500/10° =2167kN
The size selected is satisfactory.

(4) Connection to web
Shear between each flat and web:
_ 102 + 1110

8§x150 2x1110

Use 6-mm continuous fillet weld, strength 0.9 kN/mm. Four fillet welds are
provided.
Note that the bearing area required controls the stiffener size.

=0.583 kN/mm on two welds

6.4.6 End post

(1) Trial size and outstand

The trial size for the end post consisting of a single plate 450 mm % 15mm is
shown in Figure 6.20(a). The end post is designed as a load-bearing stiffener:

Outstand=220mm > 13 x 15=195mm
<19x15=285mm

— 3J
1 15 200
—r= 75 [1925]
o
. 5 x =l
2 s § T.
__2no. 6mm
R fillet weld
— - )
[ ¢) Bearing Area d) Strut  Aren
a) Section 1374 kN at Bottom at Centre

b) End Reaction

Figure 6.20 End post
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Base design on a stiffener core 400 mm x 15 mm
Design strength =275—20= 255 N/mm? (Table 6)

(2) Bearing check
The bearing area is shown in Figure 6.20(c):
A=15x400 = 6000 mm?
>0.8 x 1374 x 103/255=4310.5 mm? (Satisfactory)

(3) Buckling check
The area at the centre line acting as a strut is shown in Figure 6.20(d):
A =(400 x 15)+(192.5 x 10) = 7925 mm?

I, =15%x400%/12 =80 x 10°mm*
ry =(80.0 x 10%/7925)°-% =100.4

A =0.7x1110/100.4 =7.7

=255 N/mm? (Table 27(c))
P,=255%7925/103 =2020.8 kN
Load carried =1374kN

The size is satisfactory.

(4) Connection to web
Shear between end plate and web:

1374
= =0.62kN
%1110 0.62 kN/mm per weld

Provide 6-mm continuous fillet, weld strength 0.9 kN/mm. Two lengths of
weld are provided.

6.4.7 Flange to web weld
See Figure 6.16(b) for the girder dimension:

I,= (450 x 1200° — 440 x 1110%)/12=14.65 x 10° mm*
Horizontal shear per weld (see Section 6.3.9):

_ 1374 %450 x 45 x 577.5
14.65x 10° x 2

Provide 6-mm continuous fillet, weld strength 0.9 kN/mm.

=(0.548 kN/mm

6.4.8 Design drawing

A design drawing of the girder is shown in Figure 6.21.
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Figure 6.21 Design without utilizing tension field action

6.5 Design utilizing tension field action

Redesign the web, stiffeners and end post for the girder in Section 6.4 using
tension field action.
6.5.1 Design of the web

Try an 8-mm thick web with the stiffeners spaced at 1000 mm in the end 4 m of
the girder, as shown in Figure 6.22. The web design is set out in Section 4.4.5.4
of BS 5950:

djt=1110/8 =138.75
a/d=1000/1110 =0.9

The basic shear strength from Table 22(b) in the code:
gv= 131 N/mm?
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Intermediate Load bearing
stiffeners stif ferer ¢ Girder
tnd
post a= 1000 Web
0-9d 8 mm
Iy .
4 @1000 = 4000 i 3 @ 13333 = 4000

Figure 6.22 Stiffener arrangement

The shear buckling resistance of the stiffened panel is:
Ve=131x1110x 8/10°=1163.3kN

This is less than the applied shear of 1374 kN. The contribution to shear
strength from the flanges is calculated.
The flange-dependent shear strength factor from Table 23(b) for p,=275N
/mm? is:
g¢=312N/mm?
The plastic moment capacity of the flange where the design strength of the
flange p,c =245 N/mm?*:
245 x 450 x 452
o 4x 108
The plastic moment capacity of the web where the design strength of the web
Pyw=275N/mm?*:
275x 8 x 11102
Mo =—xT0°

The maximum moment in the end panel is 1352 kNm (see Figure 6.15(c). The
mean longitudinal stress in the flange due to moment:

55.8 kNm

=677.6kNm

_o13s2x108 ,

S ={is5xasxaso > S N/mm
55.8 57.8

K =668 <1_245)_0'0159

Total shear resistance:

Ve =[131+312(0.0159)°%] 1110 x 8/10°=1512.6kN

$0.6x275x 8 x 1110/10° = 1465.2kN

This exceeds the applied shear of 1374 kN.
Check the web in the panel 3.0 to 4m from the support:

Shear=1242kN> V,=1163.3kN

6
f 5144 x 10

-l 2
1155 < 45 % 450 21993 N/mm




Design utilizing tension field actions 163

4

__ 558 (21993
4% 677.6 245

Total shear resistance:

Ve=[131+312(0.002107)*5} 1110 x 8/10°
=1290.4kN

The girder is satisfactory for the stiffener arrangement assumed.

>=0.002107

6.5.2 Intermediate stiffener
(1) Minimum stiffness

Try stiffeners composed of two No. 80 mm x 8 mm flats (see Section 6.4.4
above). The outstand is satisfactory. The stiffener is shown in Figure 6.23:

I,=8x1683/12=3.161 x 10° mm*
>1.05 x 10 mm*

(2) Buckling check

Maximum shear adjacent to the stiffener at 1000 mm from support (see Figure
6.15(b)):

V=1330kN

Shear buckling resistance of web without tension field action. From Table
21(b) for d/t=138.75, a/d=0.9:

Gee = 102.7 N/mm?
Vee=102.7x 1110 x 8/103=911.9kN

Stiffener force Fq=1330—911.9=418.1 kN. The stiffener properties are:

A =(160 x 8)+ (320 x 8) = 3840 mm?
re=(3.161 x 105/3840)°-3 =28.69mm
A =0.7x 1110/28.69 =27.1

p.=241.6 N/mm? from Table 27(c) for p, =255 N/mm?

—_——1

4 no-6mm

8
Stiffeners —
T—50. 8 ’”" fillet welds
=2 \ .

} 4

160 | 160

a) Section b) Strut  Area

Figure 6.23 Intermediate stiffener
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Buckling resistance
P, =241.6 x 3840/10* =9278kN>F,

The stiffener is satisfactory.
(Note that these stiffeners are to extend from flange to flange.)

(3) Connection to web

Provide 6-mm continuous fillet weld.

6.5.3 Load-bearing stiffener

Try stiffeners composed of 2 No. 150 mm x 20 mm plates as shown in Figure
6.24. The stiffener outstand will be satisfactory and the bearing area will also
be adequate. (Refer to Section 6.4.5.)

15 chamfer
——

1
C—— 1
NV
20 Stiffeners
—r— /‘ 150 % 20
® L]
,T'l—; 2
160 160‘
4 no- 6mm
A fitlet weld
a) Section b} Strut Area

Figure 6.24 Load-bearing stiffener

The buckling check is carried out first:
A =(2+150x20)+(320%8) =8560mm?

I, =20 x308%/12 =48.69 x 105 mm*
r, =(48.69 x 10%/8520)°3 =75.6
A =0.7x1110/75.6 =10.28

p, =265N/mm? (Table 6) —20 =245N/mm

p. =245N/mm? (Table 27(c))

P, =245 x 8560/10° =2097.2kN
Combined load=1110+ 1198 -911.9=1396.1 kN

The size selected is satisfactory. Provide 6-mm continuous fillet weld
between stiffeners and web.

6.5.4 End post

The design will be made using double stiffeners. The trial arrangement is
shown in Figure 6.25.



(1) Bearing check

The reaction is carried on the inner stiffener
to clear the web to flange welds and the beari
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. The stiffener ends are chamfered
ng areais shown in Figure 6.25(c).

Pys=265N/mm? (Table 6)—20= 245.N/mm2
A =2x20x206

>0.84 x 1374 x 103/245

= 8240 mm?

=4486.5 mm?

275\°3
Note that oustand =221 mm < 13 265 20=264.9

The full area of the stiffener is e

bearing.

(2) Buckling check

The area at the centre line of the be

Figure 6.25(d):
470 1000
!
N
—
.1
.| £
&£ &
© 4
< g
’ Reaction
2l
a) End  Post
20
20
—® B

P

450

¢} Bearing Area

Figure 6.25 End post

=
%

160 | 160

d) Strut  Areg

flective and the stiffener is satisfactory for

aring stiffener acting as a strut is shown in

15 chamfer

1110

b) Section AA

2

——”»‘S:—-”ﬂ 2 no. 6mm

. ! ‘ fi-lle? welds
IR
i

& no 6mm
fillet welds

|

e) End Post
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A=(2x20x221)+(2x% 160 x 8) =11 400 mm?

I, =20 % 450%/12 =151.87 x 10° mm*
r, =(151.87 x 10%/11 400)°-* =11_5.4mm

A =0.7x1110/1154 =6.73

p.=245 N/mm? (Table 27(c))

P,=245x% 11400/103 =2793 kN

This exceeds the reaction 1374 kN.

(3) Shear and moment from the tension field

Refer to Section 4.4.5.4.3 of BS 5950: Part 1. The critical shear strength for the
end panel for:

d/t=138.75 and a/d=0.9 from Table 21(b)
ger = 102.7 N/mm?

Basic shear strength (see Section 6.5.1):
gy =131 N/mm?

Applied shear stress:
£, =1374x10%/(8 x 1110)=154.73 N/mm?

Shear stress f, is greater than the basic shear strength gy, so tension field force
H, cannot be reduced. This force is:

H =0.75X1110X8><275( _102.7 )0‘5

4 10° 0.6 x275
=1125.3kN
Shear from the tension field force:
Ry, =1125.3/2 =562.6 kN

Moment in the end post:

1125.3x 1110
er—w‘ =124.9kNm
(4) Shear capacity of end post

The end post is shown in Figure 6.25(¢). The web 450 mm X 8 mm resists shear
(see Table 7 of code for limiting proportions for webs):

d/t=450/8=56.25 <79¢ <79
The section is plastic.
Shear capacity =0.6 x 275 x 450 x 8/103 =594 kN

The end post is satisfactory with respect to shear.
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(5) Moment capacity
Referring to Figure 6.25(¢), the flange proportions are:
b/T=221/20 =11.05
Design strength p, =265 N/mm? (Table 6 in the code).

Note that p, is not reduced in moment calculations. From Table 7, b/T <13¢
=13.2. The flanges are semi-compact.
Moment capacity check at the centre of the girder:

M, =265x450 %20 x 470/10°=1120.9 kNm

This exceeds the moment from tension field action of 124.9 kNm.

(6) Combined bearing and bending

A local capacity check for combined bearing and bending at the bottom joint
of the bearing stiffener with the flange gives:

1374 x 10° 124.9 x 10¢
8240 x 245 8240 % 470 x 265

The end post is satisfactory.

=0.803 <1.0

(7) Weld sizes

The four fillet welds shown in Figure 6.25(¢) to connect the bearing stiffener to
the web are designed first. The welds must support the reaction and the beam
shear from the end post:
End post I, = (450 x 490° — 442 x 4503)/12
=1055 x 10 mm*
1374 + 562.6 x2x 221 x20x 234
4x1110 4% 1055 % 10°®
=0.31+0.28
=0,59kN/mm
Provide 6 mm continuous fillet weld; strength 0.9 kN/mm.

This size of weld will be satisfactory for the welds between the end plate and
web.

Weld force =

6.5.5. Design drawing

A drawing of the girder designed utilizing tension field action is shown in
Figure 6.26.
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Figure 6.26 Design utilizing tension field action

Problems

6.1 A welded plate girder fabricated from Grade 43 steel is proportioned as
shown in Figure 6.27. It spans 15.0 m between centres of brackets and sup-
ports a 254 x 254 UC 107 column at mid-span. The loading is shown in the
figure. The compression flange is effectively restrained over the span and
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intermediate stiffeners are provided at 1.875m centres between supports
and the centre load.
Assuming that the plate girder and fire-protection casing weigh 20 kN/m,
carry out the following work:
(1) Check the adequacy of the section with respect to bending, shear and
deflection.
(2) Design a suitable load-bearing stiffener for the supports and concen-
trated load positions.
(3) Determine the weld size required at the point of maximum shear.

420
7.5m P DL=900kN L3
IL = 550kN T /]
AN
L DL= 20kN/m
/ g §
| | o~ 12
JL 15m | L ——
= | T
3
Figure 6.27

6.2 A welded plate girder of Grade 43 steel carries two concentrated loads
transmitted from 254 x 254 UB 107 columns at the third points. The
columns rest on the top flange and the loads are each 400 kN dead load and
250kN imposed load, respectively. The plate girder is 12m span and is
simply supported at its ends. The compression flange has adequate lateral
restraint at the points of concentrated loads and at the supports. Assume
that the weight of the girder is 4kN/m and that the girder is supported on
brackets at each end.

(1) Assuming that the depth limit is 1400 mm for the plate girder, design the
girder section.

(2) Design the load-bearing and intermediate stiffeners.

(3) Design the web-to-flange weld.

(4) Sketch the arrangement and details of the plate girder.

6.3 The framing plans for a tour-storey building are shown in Figure 6.28.
The front elevation is to have a plate girder at first-floor level to carry wall
and floors and give clear access between columns B and C.

T'he plate girder is simply supported with a shear connection between the
girder end plates and the column flanges. Columns B and C are 305 x 305
UC 158. The loading from floor, roof and wall is as follows:

Dead loads:

Front wall between B and C

(includes glazing and columns) =0.7kN/m?
Floors of r.c. slab

(including screed, finish, ceilings, etc.)=6.0 kN/m?
Roof of r.c. slab

(including screed, finish, ceilings, etc.)=4.0 kN/m?
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@ 4m = 2Lm

Roof ;
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]
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13 Pluh/ Ground
I irdec ro round - fl
] | g round Ground - floor plan Bracing
A B [} :II_I—T_T—I_(
Front elevation L L—I I— b %

Plan first floor ta roof

Figure 6.28 Framing plans for a three-storey building

Imposed loads:
Roof =1.5kN/m?
Floors =2.5kN/m?3

(1) Calculate the loads on the girder.
(2) Design the plate girder and show all design information on a sketch.
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7.1 Uses, types and design considerations

7.1.1 Uses and types

A tension member transmits a direct axial pull between two points in a struc-
tural frame. A rope supporting a load or cables in a suspension bridge are
obvious examples. In building frames tension members occur as:

(1) Tension chords and internal ties in trusses;
(2) Tension bracing members;
(3) Hangers supporting floor beams.

Examples of these members are shown in Figure 7.1
The main sections used for tension members are:

(1) Open sections such as angles, channels, tees, joists, universal beams and
columns;
(2) Closed sections. Circular, square and rectangular hollow sections;

T e T

a) Roof Truss

T [Tles -J/ T

b) Lattice Gurder Figure 7.1 (contd. overleaf)
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. et
—_—
Tie —
Member
L Ties Ineffective
¢} Multi - storey  Building d) Industrial Building

Ties ~— ——/ Hangers

Floor beam —]

e) Hangers Supporting Floor Beam

Figure 7.1 Tension members in buildings

(3) Compound and built-up sections. Double angles and double channels are
common compound sections used in trusses. Built-up sections are used in
bridge trusses.

Round bars, flats and cables can also be used for tension members where there
is no reversal of load. These elements as well as single angles are used in cross
bracing, where the tension diagonal only is effective in carrying a load, as
shown in Figure 7.1(d). Common tension member sections are shown in
Figure 7.2.

7.1.2 Design considerations

Theoretically the tension member is the most efficient structural element, but
its efficiency may be seriously affected by the following factors:

T[TI@L

a) Rolied ond Formed Sections

T I U T

b} Compound and Built-up Sechions

Figure 7.2 Tension member sections
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(1) The end connections. For example, bolt holes reduce the member section.

(2) The member may be subject to reversal of load, in which case it is liable to
buckle because a tension member is more slender than a compression
member.

(3) Many tension members must also resist moment as well as axial load. The
moment is due to eccentricity in the end connections or to lateral load on
the member.

7.2 End connections

Some common end connections for tension members are shown in Figures
7.3(a) and (b). Comments on the various types are:

(1) Bolt or threaded bar. The strength is determined by the tensile area at the
threads.

(2) Single angle connected through one leg. The outstanding leg is not fully
effective, and if bolts are used the connected leg is also weakened by the
bolt hole.

Full-strength joints can be made by welding. Examples occur in lattice girders
made from hollow sections. However, for ease of erection most site joints are
bolted, and welding is normally confined to shop joints.

Site splices are needed to connect together large trusses that have been
fabricated in sections for convenience in transport. Shop splices are needed in
long members or where the member section changes. Examples of bolted and
welded splices in tension members are shown in Figures 7.2(c) and (d).

i A o i

a) Threaded Bar b) Angle Connections

{E Ld; ﬁ- —4 |- Eh

1
¢) Bolted Splice

/»Buckmg Strip
_*_T__/T___
Ll
- g

d) Welded Splice

Figure 7.3 End connections and splices
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7.3 Structural behaviour of tension members

7.3.1 Direct tension

The tension member behaves in the same way as a tensile test specimen. In the
elastic region:

Tensile stress f,= P/A
Elongation &=PL/AE

where P=load on the member
A = area of cross section
L=length

7.3.2 Tension and moment: elastic analysis
(1) Moment about one axis

Consider the I section shown in Figure 7.4(b), which has two axes of sym-
metry. If the section is subjected to an axial tension P and moment M, about
the XX axis, the stresses are:
f, -y
A

fr m [ fr*Foe

Direct Bending Combined

L

a) Section b) Stresses

b Direct Tension

Tension due to
> bending X-X axis

¢} interaction  Diagram

Figure 7.4 Elastic analysis: tension and moment about one axis
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Direct tensile stress f; =P/A
Tensile bending stress f;,, = /Ly
Maximum tensile stress fia, =/; + fo,

where Z, = elastic modulus for the XX axis.

175

The stress diagrams are shown in Figure 7.4(b). Define the allowable

stresses:
P —direct tension
Pw—tension due to bending
Then the interaction expression

I
Pv Pu

gives permissible combinations of stresses. This is shown graphically in Figure
7.4(c). A section with one axis of symmetry may be treated similarly.

(2) Moment about two axes

If the section is subjected to axial tension P and moments M, and M, about
the XX and Y'Y axes, respectively, the individual stresses and maximum stress

are:

Direct tensile stress

Ji =PjA

Tensile bending stress XX axis f,, = M,/Z,

Tensile bending stress YY axis Joy =

Maximum stress

yIZy
Joax=/fit fox + foy

Z, = elastic modulus for the YY axis.

These stresses are shown in Figures 7.5(b)~(d).

Y
——
X X

=

-

Y

Eccentricities

a) Section

d) Bending Stress
YY Axis

fy ~fox

T

.
b) Direct ¢) Bending Stress
Stress X X Axis

Maximum stress

fmax = fr * Fox * Foy

Figure 7.5 (contd. overleaf)
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Direct Tension

fy/ py
fox / Pt

Tension due fo
bending - X X axis
Tension due fo

bending =YY axis

e) Interaction Oiagram
Figure 7.5 Elastic analysis: tension and moments about two axes

The interaction expression to give permissible combinations of stresses is:
fodu Jo g
Pr Pot Puw
This may be represented graphically by the plane in Figure 7.5(e).
Sections with one axis of symmetry or with no axis of symmetry which are
free to bend about the principal axes can be treated similarly.

7.3.3 Tension and moment: plastic analysis
(1) Moment about one axis

For a section with two axes of symmetry (as shown in Figure 7.6(a)) the
moment is resisted by two equal areas extending inwards from the extreme
fibres. The central core resists the axial tension. The stress distribution is
shown in Figure 7.6(b) for the case where the tension area lies in the web. At
higher loads the area needed to support tension spreads to the flanges, as
shown in Figure 7.6(c).

For design strength p, the maximum tension the section can support is:

P=p,A

P P

P ’ b y
Compression ; — ] ‘l
from Moment
=]
X __j X

Direct Tension ———= '
Tension from
Moment —— -

Py Py i

Section Axial Tension Moment Resultant Stress

a) Tension Area in Web b) Stress Distribution
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Resultant Stress

¢} Tension Area Spread fo Flanges

Tension
3

10

Elastic stress distribution

Linear interaction, M/Mex
F/Py

/Plusfic stress  distribution, Mrx/Mex

10 ~#> Moment
Mo/ Mo MM,

d) Inferaction Diagram

Figure 7.6 Plastic analysis: tension and moment about one axis

If moment only is applied, the section can resist:

Plastic moment M, =p,S, and an
Elastic moment Mgx = p,Z,
where S, = plastic modulus
Z, =elastic modulus
For values F of tension less than P, if the tension area is in the web (asshownin
Figure 7.6(a) the length a of web supporting F is:
a =F/pyt
where ¢ =web thickness.

The reduced moment capacity in the presence of axial load is:

ta?

M, [+ e (Sx _4—

A more complicated formula is needed for the case where the tension area
enters the flanges, as shown in Figure 7.6(b). The curve of F/P, against
M /M, for an I section bent about the XX axis is convex (see Figure 7.6(d)),

) Py
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but a conservative design results if the straight line joining the end points is
adopted. This gives the linear interaction expression:
F M,
P M,
where M, = applied moment

=1

The elastic curve is also shown. The strength gain due to plasticity is the area
between the two curves.

In calculating the reduced moment capacity it is convenient to use a reduced
plastic modulus. This was given for the case above by:

Sex= Sy — tat(4

If the average stress on the whole section of area A:

f=F/A
then the formula for reduced plastic modulus can be written after substituting
for a as: S, =S, —n*A%/at

where n =fp,

The expression is more complicated when the tension area spreads into the
flanges.

These are the formulae given in Steelwork Design, Guide to BS 5980: Part 1:
1985, Volume 1, to calculate the reduced plastic modulus. The change value
of nis given to indicate when the tension area enters the flanges. Note that the
reduced plastic modulus is not required if the linear interaction expression is
adopted.

The analysis for sections with one axis of symmetry is more complicated.'*

(2) Moment about two axes

Solutions can be found for sections subject to axial tension and moments
about both axes at full plasticity. I sections with two axes of symmetry have
been found to give a convex failure surface, as shown in Figure 7.7. This
interaction surface is constructed in terms of:

FiP, M/M, M,y /M,
where F  =axial tension
P, =tension capacity
M., =moment capacity for the XX axis in the absence of axial load

M, =reduced moment capacity for the XX axis in the presence of
axial load

M, =moment capacity for the YY axis in the absence of axial load

M,, =reduced moment capacity for the YY axis in the presence of
axial load.

In practice, M., is restricted with some sections. Any point A on the failure
surface gives the permissible combination of axial load and moments the
section can support.
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Tension

Moment XX Axis

Plane for Linear
Moment YY Axis Interaction Expression

Interuction  Diagram

Figure 7.7 Plastic analysis: tension and moment about two axes

A plane may be drawn through the terminal points on the failure surface.
This can be used to give a simplified and conservative linear interaction
expression:

F M, M,
Bl il s
Pl Mcx Mcy
where M, = applied moment about the XX axis
M, =applied moment about the YY axis

=1

7.4 Design of tension members

7.4.1 Axially loaded tension members
The tension capacity is given in Section 4.6.1 of BS 5950: Part 1. This is:

P=A.p,
A.=effective area of the section defined in Sections 3.3.3 and 4.6.2-4.6.4
of the code.
From Section 3.3.3, the effective area of each element of a member is given by:
A, =K, X net area where holes occur
< gross area
K. = 1.2 for Grade 43 and 1.1. for Grade 50 steel
(Net area = gross area less holes.)
Tests show that holes do not reduce the capacity of a member in tension

provided that the ratio of net area to gross area is greater than the ratio of yield
strength to ultimate strength.



180 Tension members

7.4.2 Angle tension members
(1) Single angles connected through one leg

These may be designed in accordance with Section 4.6.3 of the code as axially
loaded members with an effective area (see Figure 7.3(b)):

301
g+
Ac=a (3a1+a;)a2

a, =net sectional area of the connected leg
a, =sectional area of the unconnected leg
(2) Double angles connected to one side of a gusset

A.=a,+ 53 a
¢ ! 501+02 2

(3) Double angles connected to both sides of a gusset

If these members are connected together as specified in the code they can be
designed as axially loaded members using the net area specified in Section
3.3.2 of the code. This is the gross area minus the deduction for holes.

7.4.3 Tension members with moments

The code states in Sections 4.6.2 and 4.8.1 that moments from eccentric end
connections and other causes must be taken into account in design. Single
angles, double angles and T sections carrying direct tension only may be
designed as axially loaded members, as set out in Section 4.6.3 of the code.
Design of tension members with moments is covered in Section 4.8.2 of the
code. This states that the member should be checked for capacity at points of
greatest moment using the simplified interaction expression:
F M, M,
+—2+
Apy M M,
where F = applied axial load
A, =effective area
M, =applied moment about the XX axis

M., =moment capacity about the XX axis in the absence of axial
load

M, =applied moment about the YY axis

M., =moment capacity about the YY axis in the absence of axial
load.

<l

The interaction expression was discussed in Section 7.3.3(2) above. (See Sec-
tion 5.4.2 for calculation of M., and M.,.) For bending about one axis the
terms for the other axis are deleted.

An alternative expression given in the code takes account of convexity of
the failure surface, This leads to greater economy in the design of plastic and
compact sections.
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7.5 Design examples

7.5.1 Angle connected through one leg

Design a single angle to carry a dead load of 80 kN and an imposed load of
35kN.

(1) Bolted connection

Factored load = (1.4 x 80)+ (1.6 x 35)=168 kN.
Try 80 x 60 x 7 angle connected through the long leg, as shown in Figure
7.8(a). The bolt hole is 22 mm diameter for 20 mm diameter bolts.
Design strength from Table 6 in the code p, =275 N/mm?:
a, =net area of connected leg
=(76.5—22) 7=381.5mm?
a, =area of unconnected leg
=56.5x7 =395.5mm?
Effective area
3 x381.5
=381.5+| —— 5
A.= 3815 (3 x381.5+ 395.5) 395
=675.5mm?
Tension capacity:
P,=675.5%275/10>=185.7kN
The angle is satisfactory.
Note that the connection would require either 3 No. Grade 8.8 or 3 No.
friction-grip 20 mm diameter bolts to support the load.
(2) Welded connection
Try 75% 50 x 6 L connected through the long leg (see Figure 7.8(b)):

a,=712x6 =432 mm?
a;=47x6 =282 mm?
3x432
A=432+ | —— =663. z
(3x432+282)282 663.6 mm
P, =663.6 x 275/103 =182.5kN
The angle is satisfactory.
" 220 hole
.,1 ' T
ol 35| 76-5 7
80 75
a) Bolted Connection b) Welded Connection

Figure 7.8 Single angle connected through one leg
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7.5.2 Hanger supporting floor beams

A high-strength Grade 55 steel hanger consisting of a 203 x 203 UC 46 carries
the factored loads from beams framing into it and from the floor below, as
shown in Figure 7.9(a). Check the hanger at the main floor beam connection.

The design strength from Table 6 of BS 5950: Part 1 for sections less than
16 mm thick is:

p, =450 N/mmm?

The net section is shown in Figure 7.9(b). For Grade 55 steel the effective
section is equal to the net section. The factor K, from Section 3.3.3 of the code
is 1.0. The connection plates are not considered.

Check the limiting proportions of the flanges using Table 7a in the code:

e =(275/450)%° =0.781

b/t=101.6/11=9.23 < 15e=11.72
Values of b and T are shown in Figure 7.9(b).

The section is semi-compact. The moment capacity is calculated using

the elastic properties. This can be calculated using first principles, and the
properties are:

Location of the centroidal axis is shown
Effective area= 53.1 cm?
Minimum value of elastic modulus Z =365c¢m?

The moment capacity for the major axis:
M. =363 x450/10° =163.35kNm

2 at 120kN

]

All holes 229 }}4} ¢§_
§:¢ 4}_'}'% 320kN

Hanger
203x 203x 46 UC S90kN
Grade S5 steel

!

i :
-
=101-6

b

J ;-_____—_i 120kN]
- Eccentricity

201-6

H
=
-
U
—t

457x152x 7. UB
T b) Hanger - Net Section

and Bolt Holes

305x 165x 54UB

o) Connection

Figure 7.9 High-strength hanger
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The applied axial load:

F=(2x%120)+ 590+ 320 =1150kNm
The applied moment about the X;-X, axis:

M, =(320+0.21) + (2 x 120+ 590)0.0088 = 74.5 kNm
Substitute into the interaction expression:

F M, _150x10 745
Ap, M, 53.1x450 163.35

The hanger is satisfactory.

=094 <1

Problems

7.1 A tie member in a roof truss is subjected to an ultimate tension of
1000 kN. Design this member using Grade 43 steel and an equal angle
section.

7.2 A tension member in Grade 43 steel consists of 2 No. 150 x 100 x 8§ mm
unequal angles placed back to back. At the connection, two rows of 2 No.
22mm diameter holes are drilled through the longer legs of the angles.
Determine the ultimate tensile load that can be carried by the member.

7.3 A tension member from a heavy truss is subjected to an ultimate axial load
and bending moment of 2000kN and 500 kNm, respectively. Design a
suitable universal beam section in Grade 43 steel. Assume that the gross
section will resist the load and moment.

7.4 A tie member in a certain steel structure is subjected to tension and biaxial
bending. The ultimate tensile load was found to be 3000 kN while the
ultimate moments about the major and minor axes were 160 kNm and
90 kNm, respectively. Check whether a 305 x 305 UC 158 in Grade 43 steel
is adequate. Assume that the gross section resists the loads and moments,
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Compression members

8.1 Types and uses

8.1.1 Types of compression members

Compression members are one of the basic structural elements, and are de-
scribed by the terms ‘columns’, ‘stanchions’ or ‘struts’, all of which primarily
resist axial load.

Columns are vertical members supporting floors, roofs and cranes in build-
ings. Though internal columns in buildings are essentially axially loaded and
are designed as such, most columns are subjected to axial load and moment.
The term ‘strut’ is often used to describe other compression members such as
those in trusses, lattice girders or bracing. Some types of compression mem-
bers are shown in Figure 8.1. Building columns will be discussed in this chap-
ter and trusses and lattice girders are dealt with in Chapter 9.

['Bru:'\ng Strut Struts in

Truss

3 q

——— Crane Column

wind

- =

Building Columns

a} Multi-storey Building b) industrial Building
Figure 8.1 Types of compression members

8.1.2 Compression member sections

Compression members must resist buckling, so they tend to be stocky with
square sections. The tube is the ideal shape, as will be shown below. These are
in contrast to the slender and more compact tension members and deep beam
sections.

Rolled, compound and built-up sections are used for columns. Universal
columns are used in buildings where axial load predominates, and universal

184
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beams are often used to resist heavy moments that occur in columns in in-
dustrial buildings. Single angles, double angles, tees, channels and structural
hollow sections are the common sections used for struts in trusses, lattice
girders and bracing. Compression member sections are shown in Figure 8.2.

Fitlet Welds
——— ITL

— —
Universal —_
Lolumn Built ~ up Box_ Column
H - Section
Battened Column Crane and Building Cotumn

1 r T O

Strut Sections for Trusses, Lattices, Girders and Bracing

Figure 8.2 Compression member sections

8.1.3 Construction details
Construction details for columns in buildings are:

(1) Beam-to-column connections;
(2) Column cap connections;

(3) Column splices;

(4) Column bases.

(1) Beam-to-column cap connections

Typical beam-to-column connections and column cap connections are shown
in Figures 8.3(a) and (b), respectively.

(2) Column splices

Splices in compression members are discussed in Section 6.1.7.2 of BS 5950:
Part 1. The code states that where the members are not prepared for full
contact in bearing, the splice should be designed to transmit all the moments
and forces to which the member is subjected. Where the members are prepared
for full contact the splice should provide continuity of stiffness about both
axes and resist any tension caused by bending.
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In multi-storey buildings splices are usually located just above floor level. If
butted directly together the ends are usually machined for bearing. Fully
bolted splices and combined bolted and welded splices are used. If the axial
load is high and the moment does not cause tension the splice holds the
columns’ lengths in position. Where high moments have to be resisted, high-
strength or friction-grip bolts or a full-strength welded splice may be required.
Some typical column splices are shown in Figure 8.3(c).

o N

T

o) Flexible Beam to (Column Connections

; R 2

2 9i G 1§ 1 !
T T ! |
i

b) Column Caop Comnections

i

i\w" """‘-‘\/\/“—\.
mi o=
H 1N
LiilRgRdN:i ] ]
gji{nahakiin ==
4 + | . -
4 4| + -
i Lﬂ:i 1 iy

c) Column  Splices

Figure 8.3 Column construction details

(3) Column bases
Column bases are discussed in Section 8.10.
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8.2 Loads on compression members

Axial loading on columns in buildings is due to loads from roofs, floors and
walls transmitted to the column through beams and to self weight (see Figure
8.4(a)). Floor beam reactions are eccentric to the column axis, as shown, and if
the beam arrangement or loading is asymmetrical, moments are transmitted
to the column. Wind loads on multi-storey buildings designed to the simple
design method are usually taken to be applied at floor levels and to be resisted
by the bracing, and so do not cause moments.

Rocf
wind T —Floar Beam
J /\ /1 Reactions
L wall
{ AN i El
—
| N £ =
Elevation B A B i [3 ¢
) ) Axial Unsymmetrical
¢ Load Loads
T 1A B
Plan

a} Column in Multi-storey Buildings

Roof l . Eccentricity
j Roof Wheels
! e
- i Surge
7 Crane '
2 l j
3 | —— ,
L oy
Cotumn Roof Load Crane Loads
b) Cotumn in an Industrial Building
wing Roof Roof
—_— o 1
{ Floors |}
— * { Column Moments

- g
- Y wall | wind l

Wull—i

-—

Por tal
Multi-storey Frame -

¢) Rigid Frame Buildings

Figure 8.4 Loads and moments on compression members
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In industrial buildings loads from cranes and wind cause moments in
columns, as shown in Figure 8.4(b). In this case the wind is applied as a
distributed load to the column through the sheeting rails.

In rigid frame construction moments are transmitted through the joints
from beams to column, as shown in Figure 8.4(c). Rigid frame design is out-
side the scope of this book.

8.3 Classification of cross sections

The same classification that was set out for beams in Section 5.3 is used for
compression members. That is, to prevent local buckling, limiting proportions
for flanges and webs in axial compression are given in Table 7 BS 5950:
Part 1. The proportions for rolled and welded column sections are shown in
Figure 8.5.

b b
b S H
et . - . —-
| . :l :
= t ® t t ©
—p— e p—
J S
Universal H - Section Box Column
Column Column
Limiting  Proportions
Element Section Type Plastic Compact Semi - Compact
Section Section Section
Outstand element of | Rolled b/T < 8-5¢ 9-Se 15¢
compression flange welded b/T 75¢€ 85¢ Te
Internal element of Welded b/T < 23e 25¢ 28¢
compression  flange
Web subject to Rolled d/T < 28e
compression Welded d/T < 39¢
throughout
e = (215/py)0°

All elements in compression due to axial {ead.

Figure 8.5 Limiting proportions for rolled and welded column sections

8.4 Axially loaded compression members

8.4.1 General behaviour

Compression members may be classified by length. A short column, post or
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pedestal fails by crushing or squashing, as shown in Figure 8.6(a). The squash
load P, in terms of the design strength is:

Py=p,A
where A =area of cross section

A long or slender column fails by buckling, as shown in Figure 8.6(b). The
failure load is less than the squash load and depends on the degree of slender-
ness. Most practical column fail by buckling. For example, a universal column
under axial load fails in flexural buckling about the weaker YY axis (see
Figure 8.6(c)).

The strength of a column depends on its resistance to buckling. Thus the
column of tubular section shown in Figure 8.6(d) will carry a much higher load
than the bar of the same cross-sectional area.

This is easily demonstrated with a sheet of A4 paper. Open or flat, the paper
cannot be stood on edge to carry its own weight; but rolled into a tube it will
carry a considerable load. The tubular section is the optimum column section
having equal resistance to buckling in all directions.

1 l

|
| Direction of
; | \ I buckling
Crushing \ H | Buckling
|
| X H X
)
[
a} Short Column b} Slender ¢) Universal Column

Column

* O

d) Bar and Tube of Same Area

Figure 8.6 Behaviour of members in axial compression

8.4.2 Basic strut theory
(1) Euler load

Consider a pin-ended straight column. The critical value of axial load P is
found by equating disturbing and restoring moments when the strut has been



190 Compression members
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d} Column  Section Figure 8.7 Load cases for struts
given a small deflection y, as shown in Figure 8.7(a). The equilibrium equation
1s:
Eld*yldx*= — Py
This is solved to give the Euler or lowest critical load.®
Pg=n*El|L?
In terms of stress the equation is:
pe= n*E _n*E
==
(Liry)*  A?
where I, =moment of inertia about the minor axis YY

L =length of the strut
P =axial load

ry =radius of gyration for the minor axis YY
=1,/ 4)°*



Axially loaded compression members 191

Pe = Pg/A=Euler critical stress
4 =slenderness ratio=L/r,

The slenderness A is the only variable affecting the critical stress. At the critical
load the strut is in neutral equilibrium. The central deflection is not defined
and may be of unlimited extent. The curve of Euler stress against slenderness
for a universal column section is shown in Figure 8.9.

(2) Strut with initial curvature

In practice, columns are generally not straight, and the effect of out of
straightness on strength is studied in this section. Consider a strut with an
initial curvature bent in a half sine wave, as shown in Figure 8.7(b). If the
initial deflection at x from A4 is y, and the strut deflects y further under load P,
the equilibrium equation is:
EId*y/dx* =P(y+y,)
where deflection y=sin (nx/L)

If 3, is the initial deflection at the centre and § the additional deflection caused
by P, then it can be shown by solving the equilibrium equation that:

o= %
(Pe/P)—1
The maximum stress at the centre of the strut is given by:

_P  P(3,+0)h
pmll A Iy

where 4 is shown in Figure 8.7(d).
Put pna..= p,—design strength

p. = P/A—average stress
Pe = Pg/A—Fuler stress
I, = Ar,=moment of inertia about the YY axis
A =area of cross section
ry =radius of gyration for the YY axis
h  =half the flange breath

The equation for maximum stress can be written:

—pet {H_‘_.}éoﬁ
Py=PcT Pe (PF_/Pc)’l ryz

Put n=36,h/r,? and rearrange to give:
(pE _pC) (py _pC) = NPepPc

The value of p,, the limiting strength at which the maximum stress equals the
design strength, can be found by solving this equation and nis the Perry factor.
This is redefined in terms of slenderness. (See Section 8.4.3 (2) below. The
design strength curve is also discussed in that section.)
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(3) Eccentrically loaded strut

Most struts are eccentrically loaded, and the effect of this on strut strength is
examined here. A strut with end eccentricities ¢ is shown in Figure 8.7(c). If y is
deflection from the initially straight strut the equilibrium equation is:

Eld*y/dx*=—P(e+))

This can be solved to give the secant formula for limiting stress.®
Theoretical studies and tests show that the behaviour of a strut with end

eccentricity is similar to that of one with initial curvature. Thus the two cases

can be combined with the Perry factor, taking account of both imperfections.

8.4.3 Practical strut behaviour and design strength
(1) Residual stresses

As noted above, in general, practical struts are not straight and the load is not
applied concentrically. In addition, rolled and welded strut sections have
residual stresses which are locked in when the section cools.

A typical pattern of residual stress for a hot-rolled H section is shown in
Figure 8.8. If the section is subjected to a uniform load the presence of these
stresses causes yielding to occur first at the ends of the flanges. This reduces the

a) Residual Stress Pattern

Compression P ~ Residua!l  Stress
Elastic
Core :] Applied Stress
Pastic

Ends : T
c% m Combined Stress

b) Spread of Yield

Tension

Compression

Figure 8.8 Residual stresses
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flexural rigidity of the section, which is now based on the elastic core, as shown
in Figure 8.8(b). The effect on buckling about the Y'Y axis is more severe than
for the XX axis. Theoretical studies and tests show that the effect of residual
stresses can be taken into account by adjusting the Perry factor g

(2) Column tests and design strengths

An extensive column-testing programme has been carried out, and this has
shown that different design curves are required for:

(1) Different column sections;
(2) The same section buckling about different axes;
(3) Sections with different thicknesses of metal.

For example, H sections have high residual compressive stresses at the ends of
the flanges, and these affect the column strength if buckling takes place about
the minor axis.

The total effect of the imperfections discussed above (initial curvature, end
eccentricity and residual stresses on strength) are combined into the Perry
constant . This is adjusted to make the equation for limiting stress p, a lower
bound to the test results.

The constant # is defined by:

n=0.001 a (1—4,)
4=0.2 (n?E[p,)° 3

The value 4, gives the limit to the plateau over which the design strength Dy
controls the strut load.

The Robertson constant a is assigned different values to give the different
design curves. For H sections buckling about the minor axis a has the value 5.5
to give design curve (c) (Table 27(c)).

A strut table selection is given in Table 25 in BS 4950: Part 1. For example,
for rolled and welded H sections with metal thicknesses up to 40mm the
following design curves are used:

(1) Buckling about the major axis XX—curve (b) (Table 27(b)).
(2) Buckling about the minor axis YY—curve (c) (Table 27(c)).

The compressive strength is given by the smaller root of the equation that was
derived above for a strut with initial curvature. This is:

(pE —Pc) (py _pc) =NPEP.
- Peby
(d’ + ¢2 _PF.Py)O's

¢=Ipy+(n+1) pel/2

The curves for Euler stress pg and limiting stress or compressive strength p, for
a rolled H section column buckling about the minor axis are shown in Figure
8.9. It can be noted that short struts fail at the design strength while slender
ones approach the Euler critical stress. For intermediate struts, the compress-
ive strength is a lower bound to the test results, as noted above. Compressive

Pe
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strengths for struts for curves a, b, ¢ and d are given in Tables 27(a){(d) in
BS 5950: Part 1.

300 l
27 Design strength
260
EE Euler curve
5= /
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'£ \ Code Strut Curve C
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EE' 100
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100 200 300 350

Slenderness A

Figure 8.9 Strut strength curves

8.4.4 Effective lengths
(1) Theoretical considerations

The actual length of a compression member on any plane is the distance
between effective positional or directional restraints in that plane. A
positional restraint should be connected to a bracing system which should
be capable of resisting 1% of the axial force in the restrained member. Sce
Clause 4.7.1 of BS 5950.

The actual column is replaced by an equivalent pin-ended column of the
same strength that has an effective length:

Lge=KL
where L = actual length and K = effective length ratio
where K is to be determined from the end conditions.

An alternative method is to determine the distance between points of con-
traflexure in the deflected strut. These points may lie within the strut length or
they may be imaginary points on the extended elastic curve. The distance so
defined is the effective length.

The theoretical effective lengths for standard cases are shown in Figure
8.10.° Note that for the cantilever and sway case the point of contrafiexure is
outside the strut length.
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Figure 8.10 Figure effective lengths

(2) Code definitions and rules

The effective length is defined in Section 1.2.14 of BS 5950: Part 1 as the length
between points of effective restraint of a member multiplied by a factor to take
account of the end conditions and loading.

Effective lengths for compression members are set out in Section 4.7.2 of the
code. This states that for members other than angles, channels and T sections
the effective length should be determined from the actual length and con-
ditions of restraint in the relevant plane. The code specifies:

(1) That restraining members which carry more than 90 per cent of their
moment capacity after reduction for axial load shall be taken as incapable
of providing directional restraint.

(2) Table 24 is used for standard conditions of restraint.

(3) Appendix D1 is used for stanchions in single-storey buildings of simple
construction (see Section 8.6).

(4) Appendix E is used for members f orming part of a frame with rigid joints.

The normal effective lengths L. are given in Table 24 of the code. Some values
from this table for various end conditions where L is the actual length are:

(1) Effectively held in position at both ends

Restrained in direction at both ends Lg=0.7 L
Partially restrained in direction

at both ends Lg=085L
Not restrained in direction at either end Lg= L

(2) One end effectively held in position and restrained in direction.
Other end not held in position
Partially restrained in direction Le=15 L
Not restrained in direction Le=20 L

The reader should consult the table in the code for other cases.

Note the case for the fixed end strut, where the effective length is given as
0.7 L, is to allow for practical ends where true fixity is rarely achieved. The
theoretical value shown in Figure 8.10is 0.5 L.
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8.4.5 Slenderness
The slenderness 4 is defined in Section 4.7.3 of the code as:

1= Effective length _Lg
Radius of gyration about relevant axis r

The code states that, for members resisting loads other than wind load, A must
not exceed 180. Wind load cases are dealt with in Chapter 9 of this book.

8.4.6 Compression resistance

The compression resistance of a strut is defined in Section 4.7.4 of BS 5950:
Part 1 as:

(1) Plastic, compact or semi-compact sections: P, = A,p.
(2) Slender sections: P. = Aype,

where A, = gross sectional area defined in Section 3.3.1 of the code.
p. = compressive strength from Section 4.7.5 and Tables
27(a)-(d) of the code.
P = compressive strength for slender sections as defined in
Sections 3.6 and 4.7.5 of the code.

8.4.7 Column design

Column design is indirect, and the process is as follows (the tables referred to
are in the code):

(1) The steel grade and section is selected.

(2) The design strength p, is taken from Table 6.

(3) Theeffective length L is estimated using Table 24 for the appropriate end
conditions.

(4) The slenderness A is calculated for the relevant axis.

Table 8.1 Compression Resistance of Grade 43 steel U.C. sections

Serial Mass Compression resistances in kilonewtons

size per for effective lengths in metres

in metre

mm in Kg 2 2.5 3 3.5 4 5 6 8 10

254 x 254 167 5230 4990 4730 4460 4180 3590 3010 2080 3580
universal 132 4160 3960 3750 3530 3300 2820 2360 1620 1140
column 107 3360 3200 3020 2840 2650 2260 1880 1280 909
89 2790 2650 2510 2360 2200 1860 1550 1060 742
73 2350 2230 2110 1970 1830 1550 1270 860 602

203 x 203 86 2570 2400 2220 2030 1830 1460 1150 740 -
universal 71 2130 1980 1830 1670 1510 1200 943 605 -
column 60 1820 1700 1560 1410 1270 995 778 494 -
52 1600 1480 1360 1230 1100 865 676 1429 -
46 1410 1310 1200 1080 968 757 590 374 -

152x 152 37 1030 910 787 671 568 411 306 - -
universal 30 825 727 627 533 450 325 241 - -
column 23 632 552 472 397 334 239 177 - -
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(5) The strut curve is selected from Table 25.
(6) The compressive strength is read from the appropriate part of Tables
27(a)(d).

(7) The compression resistance P, is calculated (see Section 8.4.6 above).

For a safe design P, should just exceed the applied load, and successive trials
are needed to obtain an economical design. Load tables can be formed to give
the compression resistance for various sections for different values of effective
length. Table 8.1 gives compression resistances for some universal column
sections. Column sizes may be selected from tables in the Guide to BS 5950
Part 1: 1985, Volume 1, Section Properties, Member Capacities, Constrado. A
computer program for column design is given in Chapter 11 of this book.

8.4.8 Example: universal column

A part plan of an office floor and the elevation of internal column stack A are
shown in Figures 8.11(a) and (b). The roof and floor loads are as follows:

Roof Deadload (total) =5 kN/m?
Imposed load =1.5kN/m?
Floors Dead load (total) =7 kN/m?
Imposed load =3 kN/m?

7-6m 7-6m

o .

Roof

T 1[___
o
o E
& 2nd  Floor
@ L3
B1 81 ° 2 e
o~ A S ] 1st  Floor
e a —
B1 B1 v
15
O
€
wn
Base
L —k
a) Part Floor Plan b} Column Stock ‘A’
228w
228w {
|
3 _j s
T6m 4 116w Sm Mhw
Beam 81 Beam B2

¢} Beam Loads
Figure 8.11 Column design example
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Design column A for axial load only. The self weight of the column, including
fire protection, may be taken as 1 kN/m. The roof and floor steel have the same
layout. Use Grade 43 steel.

When calculating the loads on the column lengths, the imposed loads may
be reduced in accordance with Table 2 of BS 6399: Part 1. This is permitted,
because it is unlikely that all floors will be fully loaded simultaneously. Values
from the table are:

Number of floors carried by member Reduction in imposed load (%)
1

0
2 10
3 20

The roof is regarded as a floor for reckoning purposes.
The slabs for the floor and roof are precast one-way spanning slabs. The
dead and imposed loads are calculated separately.

Roof 81
i § Dead Imposed load— kN Total
load Reduction design
B2 KN 0% 10% 20% load
w=5kN/m? w=1.5kN/m?
Self
Weight 2 No Bl 114 342 30.8 274
LkN 2 No B2 114 342 30.8 27.4
Self weight 4
Nil Total 232 68.4
2nd  Floor B1
T ? Design load = (1.4 x 232) + (1.6 x 68.4) 434.2
y
62 w=7kN/m? w=3.0kN/m?
2 No BI 159.6 61.6 54.7
iy 2 No B2 159.6 61.6 54.7
Weight Self weight 4.0
LkN Total 555.2 184.8
107 Design load = (1.4 x 555.2) + (1.6 x 184.8) 1073
1st Floor 81
5 — w=7kN/m? w=3.0kN/m?
y
2 No Bl 159.6 54.7
B2 2 No B2 159.6 54.7
Self weight 5.0
Self
waght Total 879.6 2736
S kN Design load = (1.4 x 879.6) + (1.6 X 273.6) 1669
0%
Base
="

Figure 8.12 Column design loads
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(1) Loading

Four floor beams are supported at column A. These are designated as B and
B2 in Figure 8.11(a). The reactions from these beams in terms of a uniformly
distributed load are shown in Figure 8.11(c):

Load on beam B1=7.6 x3x 10=22.8 wkN

where w is the uniformly distributed load. The dead and imposed loads must
be calculated separately in order to introduce the different load factors. The
self weight of beam B2 is included in the reaction from beam BI.

The design loading on the column can be set out as shown in Figure 8.12.
The design loads are required just above the first floor, the second floor and
the base.

(2) Column design

(1) Top length = Roof to second floor
Design load =434.2 kN
Try 152x 152 UC 30
A=38.2cm? r,=3.82cm
Design strength p, =275 N/mm? (Table 6)
where section thickness is less than 16 mm.
If the beam connections are the shear type discussed in Section 5.8.3, where
end rotation is permitted, thg effective length, from Table 24:
Lg=0.85 % 4000 = 3400 mm
Slenderness 1= 3400/38.2=89
For a rolled H section thickness less than 40 mm buckling about the minor YY
axis, use Table 27(c):
Compressive strength p. =144 N/mm?
Compressive resistance P, = 144 x 38.2/10=550.1 kN
The column splice and floor beam connections at second-floor level are shown

in Figure 8.13(a). The net section at the splice is shown in Figure 8.13(b) with 4
No. 22 mm diameter holes. The section is satisfactory.

(2) Intermediate length—first floor to second floor. Design load= 1073 kN.
Try 203 x 203 UC 46.
A =588cm?% r,=5.11cm

Py =275N/mm?
A =3400/51.1 =66.5
P = 188 N/mm?

P.=188 x 58.8/10=1105.4 kN
The section is satisfactory.

(3) Bottom length—base to first floor. Design load = 1669 kN.
Try 254 x 254 UC 73.
A=929cm? r,=6.46cm
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t) Section at Fioor Beam
Connections

Beam B1 not shown.

a) Splice and Floor Beam Connections

Figure 8.13 Column connection details

The flange is 14.2mm thick. The design strength from Table 6 in the code is
p,=275N/mm?
The beam connections do not restrain the column in direction at the first-
floor level. The base can be considered fixed. The effective length is taken as:
Lg=0.85x 5000 =4250 mm
A =4250/64.6 =658
p. =189.4N/mm? (Table 27(c))
P.=929x189.4/10 =1759.5kN

The section selected is satisfactory. The same sections could have been selected
from Table 8.1.

8.4.9 Built-up column: design

The two main types of columns built up from steel plates are the H and box
sections shown in Figure 8.2. The classification for cross sections is given in
Figure 8.5.

For plastic, compact or semi-compact cross sections the local compression
capacity is based on the gross section. The code states in Section 4.7.5 that the
design strength p, for sections fabricated by welding is to be the value from
Table 6 reduced by 20 N/mm?. This takes account of the severe residual
stresses and possible distortion due to welding.
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Slender cross sections are dealt with in Section 3.6 of the code. The capacity
of these sections is limited by local buckling and the design strengths are to be
taken as follows:

(1) Flanges. The design strength for a slender flange is to be reduced by the
factor given in Table 8 of the code. The factors for welded sections are:

Outstand element WIE:)—_B

Internal element m

(2) Webs. The code states in Section 3.6.3 that the design strength p, for webs
subjected to moments and axial loads is to be such that the limiting pro-
portions for a semi-compact section are met. This gives:

28 (275/p,)% 3 =d1
or p, = 215600/(d/1)*
where d/t= width/thickness ratio for the web

The code specifies in Section 4.7.5 that the compressive strength p. depends
on:

(1) Slenderness 1 based on the gross section;

(2) Design strength p, reduced for welded fabrication and for slenderness, if
necessary, as set out above.

(3) Relevant strut curve selected from Table 25.

The value of p. may be taken from Tables 27(b), (c), (d) or calculated from the
formula in appendix C.

8.4.10 Example: built-up column

Determine the compression resistance of the column section shown in Figure
8.14. The effective length of the column is 8 m and the steel is Grade 43.

900
=3 Y

900
840

R

Figure 8.14 Built-up H column

(1) Flanges
The design strength from Table 6 for plate 30mm thick Py=265N/mm?,
Reducing by 20 N/mm* for a welded section gives:

Py=245N/mm?

& =(275/245)°3% =1.059
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Flange outstand b=442.5=14.75T
>13¢T =313.77T

Referring to Table 7, the flange is slender. The design strength for the slender
outstand is to be reduced by the factor from Table 8:

Stress reduction factor= 0 __ 10
b/(Te)—3 [442.5/(30 x 1.059)] -3
=0.915

Reduced design strength p, =245 x 0.915=224.2 N/mm?

(2) Web
This is an internal element in axial compression.
p,=275—20=255N/mm?
£=(275/255)*%=1.038

Stress reduction factor = 21/[(840/15 x 1.038) — 7]=0.42
Reduced design strength p, =255 x 0.42=107.1 N/mm?

(3) Properties of the gross section and slenderness
Area = (2 x 30 x 900) + (84 x 15) =6.66 x 10* mm?
I, =(60x900°/12)+ (neglect web)=3.645 x 102 mm*
r, =[3.645x10%/6.66 x 104°%  =233.9mm
A =8000/233.9 =342

(4) Compressive strength p. for the flanges

From Table 25 the strut table to be used is 27(c) for a welded H section with

plate up to 40 mm thick. The compressive strength p, is calculated from the

formula in Appendix C:

n? x 205 % 10°
34.2%

Robertson constant a=>5.5 (curve (c))

n2x205>< 103 0.3
o o222 ) =190
Limiting slenderness 4, =0.2 ( 2242 )

Euler strength pg= =1729.8 N/mm?

Perry factor 7=0.001 x 5.5 (34.2— 19.0)=0.0836
224.2+ (0.0836+1)1729.8
b= 4.2+( ; ) =1049.3

Compressive strength:
_ 1729.8 x 224.2
P<=10a9.3+ (1049.32 —1729.8 x 224.2)%3
=204.8 N/mm?
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(5) Compressive strength p. for the web

The calculation is similar to that for flanges in (4) above.
Po=98.4 N/mm?

(6) Compressive resistance of the column

2x30x900x%204.8 15x840x98.4
103 M 103

=11059.2+1239.8=12299kN

pP.=

8.4.11 Cased columns: design
(1) General requirements

Solid concrete casing acts as fire protection for steel columns and the casing
assists in carrying the load and preventing the column from buckling about
the weak axis. Regulations governing design are set out in Section 4.14 of
BS 5950: Part 1.

The column must meet the following general requirements:

(1) The steel section is either a single-rolled or fabricated I or H section with
equal flanges. Channels and compound sections can also be used. (Refer
to the code for requirements.)

(2) The steel section is not to exceed 1000 mm x 500 mm. The dimension
1000 mm is in the direction of the web.

(3) Primary structural connections should be made to the steel section.

(4) The steel section is unpainted and free from dirt, grease, rust, scale, etc.

(5) The steel section is encased in concrete of at least Grade 20, to BS8110.

(6) The cover on the steel is to be not less than 50 mm. The corners may be
chamfered.

(7) The concrete extends the full length of the member and is thoroughly
compacted.

(8) The casing is reinforced with bars not less than 5 mm diameter at a max-
imum spacing of 200 mm to form a cage of closed links and longitudinal
bars. The reinforcement is to pass through the centre of the cover, as
shown in Figure 8.15(a).

(9) The effective length is not to exceed 40 b, 100 b.2/d, or 250 r, whichever is
the least, where

b.=minimum width of solid casing

d.=minimum depth of solid casing
r =minimum radius of gyration of the steel section.

(2) Compression resistance
The design basis set out in Section 4.14.3 of the code is as follows:

(1) The radius of gyration about the YY axis shown in Figure 8.15, r, should
be taken as 0.2 b, but not more than 0.2 (B+ 150), where B = overall width
of the steel flange. The radius of gyration for the XX axis r, should be
taken as that of the steel section.
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(2) The compression resistance P, is

Pc=(A,+0.45 &Ac)pc

y
+than the short strut capacity P

Ps= <A, + 0.25&Ac) Dy
: Py
where 4, = gross sectional area of the concrete. Casing in excess of

75 mm from the steel section is neglected. Finish is neglected
A, = gross area of the steel section

f.. =characteristic strength of the concrete at 28 days. This is not
to exceed 40 N/mm?

p. =compressive strength of the steel section determined using r,
and r,, in the determination of which p, < 355 N/mm?
py =design strength of the steel.

Cover < 50 8

T A

S &
TN : 1 ——
sl g ]
8 & L
203 x 203x52 UC
X X J
A | S < y
Bars and Steel Core
links
o —
. 310
Y ‘ Iy
b€ b+100 . | ‘
a) Cased Section
= X X
m
—1—
Y
Figure 8.15 Cased column b) Cased Column. Example

8.4.12 Example: cased column

An internal column in a multi-storey building has an actual length of 4.2m
centre to centre of floor beams. The steel section is a 203 x 203 UC 52. Cal-
culate the compression resistance of the column if it is cased in accordance
with Section 4.14 of BS 5950: Part 1. The steel is Grade 43 and the concrete
Grade 25. The steel core and cased section are shown in Figure 8.15(b). The
casing has been made 310 mm square.

The properties of the steel section are:

A =66.4cm?, r,=89cm, r,=5.16cm
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For the cased section:

ry =0.2x310 =62mm
*0.2 (203.9+ 150)=70.78 mm

Because the column is cased throughout, the effective length is taken from
Table 24 as 0.7 of the actual length:

Effective length Lg=0.7 x 4200 =2940 mm
The effective length Lg is not to exceed:

405, =40x 310 = 12400 mm

100b.2/d.  =100x310 =3100mm

250r =250x51.6 =12900 mm

Slenderness A = 2940/62 =474

The design strength from Table 6, p, =275 N/mm?. For buckling about YY,
select curve (c) from Table 25. Compressive strength from Table 27(c):

pe=225.2N/mm?
The gross sectional area of the concrete:
A.=310x310=96 100 mm?
Compressive resistance of the cased section:

0.45%x25x96 100\ 225.2
275 103

P.= (66.4 x 10% +
=1495.3+885.3
=2380.6kN

This is not to exceed the short strut capacity:

0.25x 25 x 96100 \ 275
275 10°

Py= (66.4 x 102+
=1826+600.6
=2426.6kN

The compression resistance is 2380.6 kN.

8.5 Beam columns

8.5.1 General behaviour
(1) Behaviour classification

As already stated at the beginning of this chapter, most columns are subjected
to bending moment in addition to axial load. These members, termed ‘beam-
columns’, represent the general load case of an element in a structural frame.
The beam and axially loaded column are limiting cases.

Consider a plastic or compact H section column as shown in Figure 8.16(a).
The behaviour depends on the column length, how the moments are applied
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Y
L - Bending - Tension
Axial load -~ Compression
X——|. X
Bending - Compression
L 1
Y
a) Unwersal Column b) Plastic Stress Distribution

Bending about XX axis

10

F/Pc

Mrx Mry Mx My
—_—y T T
Mcx Moy Meox Moy

¢) Interaction Curves for d) Interaction Surface
Universal  Bending Biaxial Bending
XX and YY Axes Full Plasticity

Figure 8.16 Short-column behaviour

and the lateral support, if any, provided. The behaviour can be classified into

the following five cases:

Case 1 A short column subjected to axial load and uniaxial bending about
either axis or biaxial bending. Failure generally occurs when the plastic

capacity of the section is reached. Note limitations set in (2) below.

Case 2 A slender column subjected to axial load and uniaxial bending about
the major axis XX. If the column is supported laterally against buckling
about the minor axis YY out of the plane of bending, the column fails by
buckling about the XX axis. This is not acommon case (see Figure 8.17(a)).
At low axial loads or if the column is not very slender a plastic hinge forms

at the end or point of maximum moment

Case 3 A slender column subjected to axial load and uniaxial bending about
the minor axis YY. The column does not require lateral support and there is
no buckling out of the plane of bending. The column fails by buckling about
the YY axis. At very low axial loads it will reach the bending capacity for

YY axis (see Figure 8.17(b)).
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d) Moments about XX and YY Axes
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Figure 8.17 Slender columns subjected to axial load and moment
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Case 4 A slender column subjected to axial load and uniaxial axial bending
about the major axis XX. This time the column has no lateral support. The
column fails due to a combination of column buckling about the YY axis
and lateral torsional buckling where the column section twists as well as
deflecting in the XX and YY planes (see Figure 8.17(c)).
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Case 5 A slender column subject to axial load and biaxial bending. The
column has no lateral support. The failure is the same as in Case 4 above but
minor axis buckling will usually have the greatest effect. This is the general
loading case (see Figure 8.17(d)).

Some of these cases are discussed in more detail below.

(2) Short-column failure

The behaviour of short columns subjected to axial load and moment is the
same as for tension members subjected to identical loads. This was discussed
in Section 7.3.3

The plastic stress distribution for uniaxial bending is shown in Figure
8.16(b). The moment capacity for plastic or compact sections in the absence of
axial load is given by:

M. =Sp,
<1.2 Zp, (see Section 4.2.5 of BS 5950: Part 1)
where S = plastic modulus for the relevant axis

Z =elastic modulus for the relevent axis.
The interaction curves for axial load and bending about the two principal axes
separately are shown ir Figure 8.18(a). Note the effect of the limitation of
bending capacity for the YY axis.
These curves are in terms of F/ P, against M, /M., and M,,/M,, where:
F  =applied axial load
P, =p, A, the squash load

M,, =reduced moment capacity about the XX axis in the presence of axial
load

M., =moment capacity about the XX axis in the absence of axial load

M,, =reduced moment capacity about the Y'Y axis in the presence of axial
load

M., =moment capacity about the Y'Y axis in the absence of axial load.

Values for M,, and M,, are calculated using equations for reduced plastic
modulus given in the Guide to BS 5950: Part 1: 1985, Volume 1, Section Prop-
erties, Member Capacities, Constrado.

Linear interaction expressions can be adopted. These are:

FIP.+ M,/M =1
and F/P.+ M,/M. =1
where M, =applied moment about the XX axis
M, =applied moment about the YY axis.
This simplification gives a conservative design.
Plastic and compact H sections subjected to axial load and biaxial bending
are found to give a convex failure surface, as shown in Figure 8.18(a). At any
point A4 on the surface the combination of axial load and moments about the

XX and YY axes M,, and M,,, respectively, that the section can support can
be read off.
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A plane drawn through the terminal points of the surface gives a linear
interaction expression:

F + M, + M,

PC MCX Mcy

This results in a conservative design.

=1

(3) Failure of slender columns

With slender columns, buckling effects must be taken into account. These are
minor axis buckling from axial load and lateral torsional buckling from
moments applied about the major axis. The effect of moment gradient must
also be considered.

Axial Load, F/Pc

XX Axis

a) Failure Surfaces

XX Axis

YY Axis

X =0 N=9% A = 100

b) Failure Contours

Figure 8.18 Failure surfaces for slender beam: columns
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All the imperfections, initial curvature, eccentricity of application of load
and residual stresses affect the behaviour. The end conditions have to be taken
into account in estimating the effective length.

Theoretical solutions have been derived and compared with test results.
Failure surfaces for H-section columns plotted from the more exact approach
given in the code are shown in Figure 8.18(a) for various values of slenderness.
Failure contours are shown in Figure 8.18(b). These represent lower bounds to
exact behaviour.

The failure surfaces are presented in the following terms:

Slenderness A=0 —F[P; M/M,; Mry/Mcy
A= 50, 100~ F/Pc; Max/Mcx; Mly/Mcy
Some of the terms were defined in Section 8.5.1(2) above. New terms used are:

M, =maximum buckling moment about the XX axis in the presence of
axial load

M,,=maximum buckling moment about the YY axis in the presence of
axial load.

The following points are to be noted.

(1) M, the moment capacity about the YY axis, is not subjected to the
restriction 1.2 p,Z,.

(2) Atzeroaxialload, slenderness does not affect the bending strength of an H
section about the YY axis.

(3) At high values of slenderness the buckling resistance moment M, about
the XX axis controls the moment capacity for bending about that axis.

(4) As the slenderness increases, the failure curves in the F/P,, YY-axis plane
change from convex to concave, showing the increasing dominance of
minor axis buckling.

For design purposes the results are presented in the form of an interaction
expression, and this is discussed in the next section.

8.5.2 Code design procedure

The code design procedure for compression members with moments is set out
in Section 4.8.3 of BS 5950: Part 1. This requires the following two checks to be
carried out:

(1) Local capacity check; and
(2) Overall buckling check.

In each case two procedures are given. These are a simplified approach and a
more exact one. Only the simplified approach will be used in design examples
in this book.

(1) Local capacity check

The member should be checked at the point of greatest bending moment and
axial load. This is usually at the end, but it could be within the column height if
lateral loads are also applied. The capacity is controlled by yielding or local
buckling. (Local buckling was considered in Section 8.3.)
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The interaction relationship for semi-compact and slender cross sections
and the simplified approach for compact cross sections given in Section 4.8.3.2
of the code is:

F M, M,
+—>=+
A le M cx M <y
where F  =applied axial load
A, =gross cross-sectional area
M, =applied moment about the major axis XX

M., =moment capacity about the major axis XX in the absence of
axial load

M, =applied moment about the minor axis YY

M., =moment capacity about the minor axis YY in the absence of
axial load.

<1

A more rigorous interaction relationship for plastic and compact sections is
given in the code. This is based on the convex failure surface discussed above
and gives greater economy in design.

(2) Overall buckling check

The simplified interaction relationship to be satisfied is given in Clause
4.8.3.3.1 of the code. This is:

F mM, mM,
+ +

Agpc Mb pyzy

where m =equivalent uniform moment factor from Table 18 in the code

M, = buckling resistance moment capacity about the major axis XX

Z, =elastic modulus of section for the minor axis YY

£l

The value for M, is determined using the methods set out in Section 5.5 of
this book (dealing with lateral torsional buckling of beams). A more exact
approach is also given in the code. This uses the convex failure surfaces
discussed above.

8.5.3 Example of beam column design

A braced column 4.5m long is subjected to the factored end loads and mo-
ments about the XX axis, as shown in Figure 8.19(a). The column is held in
position but only partially restrained in direction at the ends. Check that a 203
% 203 UC 52 in Grade 43 steel is adequate.

(1) Column-section classification

Design strength from Table 6  p, =275 N/mm?
Factor ¢=(275/p,)°* =1.0

See Figure 8.19(b)

Flange b/T=101.95/12.5 =8.156 <8.5
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Web d/t =160.8/8.0 =20.1 <39
Referring to Table 7, the flanges are plastic and the web semi-compact.

B8O kN
d=1608
35kNm s
] 1B
°© S
K S
Moments . l — 2 :
e applied &
@ about XX Axis ~
% )
=4
n
« ) 1 P
- b) Trial Section
12 kNm
WS
886 kN
a} Column Length
and _Loads Figure 8.19 Beam column design example

(2) Local capacity check
Section properties for 203 x 203 UC 52 are:
A=66.4cm?; Z,=510cm3; r,=516cm

=15.8; u =0.848 S, =568 cm?
Moment capacity about the XX axis:
M. =275x%568/193 =156.2kNm

<1.2x275x510/10° = 168.4 kNm
Interaction expression:

880x 10 + 35
66.4x275 156.2

The section is satisfactory with respect to local capacity.

=0.48+0.22=0.7 <1

(3) Overall buckling check

The effective length from Table 24:
Lg=0.85%4500 =3825
Slenderness A =3825/51.6=74.1

From Table 25 select Table 27(c) for buckling about the YY axis. From Table
27(c), compressive strength p.=172.8 N/mm?.
Referring to Table 9, the support conditions for the beam column are that it
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is laterally restrained and restrained against torsion but partially free to rotate
in plan:

Effective length Lg=0.85 x 4500=13825 mm
Slenderness A =741

The ratio of end moments:
B=12/35=0.342

From Table 18 the equivalent uniform moment factor m=0.697. The factor n
=1.0. The equivalent slenderness:

Apr=uvd

u =0.848—buckling parameter for H section
N =0.5—for uniform section with equal flanges
x =15.8—torsional index
Alx=74.1/15.8=4.69

v =0.832—slenderness factor from Table 14
Apr=0.848 X 0.832x 74.1=52.2

From Table 11 the bending strength:
Pv=232.7N/mm?

Buckling resistance moment:
M,=232.7x 568/10°=132.1kNm

Interaction expression:

880x10  0.697x35

=0.77+0.18=0. .
664x1728 1321 O 77t0.18=095<L0

The section is also satisfactory with respect to overall buckling.

8.6 Eccentrically loaded columns in buildings

8.6.1 Eccentricities from connections

The eccentricities to be used in column design in simple construction for beam
and truss reactions are given in Clause 4.7.6 of BS 5950: Part 1. These are as
follows:

(1) Fora beam supported on a cap plate the load should be taken as acting at
the face of the column or edge of the packing.

(2) Foraroof truss on a cap plate the eccentricity may be neglected provided
that simple connections are used.

(3) In all other cases the load should be taken as acting at a distance from the
face of the column equal to 100 mm or at the centre of the stiff bearing,
whichever gives the greater eccentricity.

The eccentricities for the various connections are shown in Figure 8.20.
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l !
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Reaction
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d) Eccentricities for Beam -Column

Connections

Stiff bearing

¢) Beam Supported on

Bracket Figure 8.20 Eccentricities for end reactions

8.6.2 Moments in columns of simple construction

The design of columns is set out in Section 4.7.7 of the code. The moments
arc calculated using cccentricitics given in Section 8.6.1 above. For
multi-storcy columns cffectively continuous at splices, the net moment
applicd at any one level may be divided between lengths above and below
in proportion to the stiffness /1 of cach length. When the ratio of stiffness
does not exceed 1.5 the moments may be divided equally. These moments
have no effect at Ievels above or below that at which they arc applied.
The following interaction equation should be satisfied for the overall
buckling check:
F. N M,

Agpc M. p.\Z)‘

where M, = buckling resistance moment for a simple column calculated
using an cquivalent slenderness

>‘L'|’ = ()SL/)\
! = moment of inertia of the column about the relevant axis
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L = distance between levels at which both axes are
restrained

ry = radius of gyration about the minor axis
F. = compressive force in the column

Other terms are defined in Section 8.5.2.

8.6.3 Example: Corner column in a building

The part plan of the floor and roof steel for an office building is shown in
Figure 8.21(a) and an elevation of the corner column is shown in Figure
8.21(b). The roof and floor loadng is as follows:

Roof —total dead load = 5kN/m?
imposed load =1.5kN/m?

Floors—total dead load =7kN/m?
imposed load =3kN/m?

r_g 7 6m ji Roof
0o
— 4

T I JF £
2d A
1 _, oar
LD
[=]
S| & €
-~
1st  Floor
4
[
wn
Base
1
a) Roof and Roor Plgn b) Column Stad
O ond Hoor Han =2umn >hadk

Figure 8.21 Corner-column design example

The self weight of the column, including fire protection, is 1.5 kN/m. The
external beams carry the following loads due to brick walls and concrete
casing (they include self weight):

Roof beams—parapet and casing=2kN/m

Floor beams—walls and casing =6kN/m
The reinforced concrete slabs for the roof and floors are one-way slabs span-
ning in the direction shown in the figure.

Design the corner column of the building using Grade 43 steel.

In accordance with Table 2 of BS 6399: Part 1, the imposed loads may be
reduced as follows:

One floor carried by member —no reduction
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Two floors carried by member —10% reduction
Three floors carried by member—20% reduction

The roof is counted as a floor. Note that the reduction is only taken into
account in the axial load on the column. The full imposed load at that section
is taken in calculating the moments due to eccentric beam reactions.

(1) Loading and reactions to floor beams

Mark numbers for the floor beams are shown in Figure 8.22(a). The end

reactions are calculated below:

Roof

Bl Deadload =(5x38x15)+(2x38) =36.1kN
Imposed load=1.5x3.8x 1.5 =8.55kN

B2 Deadload =5x3.8x3 =57.0kN
Imposed load=1.5x3.8x3 =17.1kN

B3 Deadload =(0.5%x57.0)+(2%3) =34 5kN
Imposed load =0.5x17.1 =8.55kN

81

"7
82 3

B3

a) Beam Mark Numbers

}
361

361 Dead
855 855 Imposed
81
_—
57-0 570 Dead
171 174 {mposed
B2
57-0 Dead
171 Imposed
345 345 Dead
855 855 imposed
Roof Beam

b) Roof and Floor Beam

Reactions in kN

627 627
171 171
81
79-8 T79~8
342 342
82
798
342
57-9{ 579
174 171
Floor Beams

Reactions

Figure 8.22 Floor-beam reactions
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Floors
Bl Deadload =(7x3.8x1.5)+(6x 3.8) =62.7kN

Imposed load=3x3.8x1.5 =17.1kN
B2 Deadload =7x38x3 =79.8kN
Imposed load=3x3.8x3 =34.2kN
B3 Deadload =(0.5x79.8)+(6x3) =57.9kN
Imposed load=0.5 x 34.2 =17.1kN

The roof and floor beam reactions are shown in Figure 8.22(b).

(2) Loads and moments at roof and floor levels

The loading at the roof, second floor, first floor and base is calculated from
values shown in Figure 8.22(b). The values for imposed load are calculated
separately, so that reductions permitted can be made and the appropriate
load factors for dead and imposed load introduced to give the design loads
and moments.

The moments due to the eccentricities of the roof and floor beam reactions
are based on the following assumed sizes for the column lengths:

Roof to second floor

—152x 152 UC where the inertia / is proportional to 1.0
Second floor to first floor

—203 x 203 UC where the inertia [ is proportional to 2.5
First floor to base

—203 x 203 UC where the inertia / is proportional to 2.5

Further, it will be assumed initially that the moments at the floor levels can be
divided between the upper and lower column lengths in proportion to the
stiffnesses which are based on the inertia ratios given above. The actual values
are not required.

The division of moments is made as follows:

(1) Joint at second floor level
Upper column length—stiffness I/L=1/4 =0.25
Lower column length—stiffness //L=2.5/4 =0.625
If M is the moment due to the eccentric floor beam reaction then the
moment in the upper column length is:

M, =[0.25/(0.25+0.625)) M=0.286 M
Moment in the lower column length is:
M, =(1-0.286) M =0.714 M

(2) Joint at first level
It will be assumed that the same column section will be used for the two
lower lengths. Hence the moments of inertia are the same and the stiff-
nesses are inversely proportional to the column lengths.
Upper column length—stiffness = 1/4=0.25
Lower column length—stiffness = 1/5=0.20
The stiffness of the upper column length does not exceed 1.5 times the
stiffness of the lower length. Thus the moments may be divided equally
between the upper and lower lengths.

The eccentricities of the beam reactions and the column loads and moments
from dead and imposed loads are shown in Figure 8.23.
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(3) Column design
Roof to second floor
Referring to Figure 8.23, the design load and moments at roof level are:

Axialload F =(1.4x70.6)+ (1.6 x 17.1)=126.2kN
Moment M,=(1.4%6.07)+(1.6x1.51)=10.92kNm
M,=(1.4x6.35)+(1.6x1.51)=11.32kNm

Try 152 x 152 UC 30, the properties of which are:

A =382cm?% r,=3.82cm; Z, =221.2cm?
Z,=173.06cm*; S,=247.1cm?; S,=111.2cm?

The roof beam connections and column section dimensions are shown in
Figure 8.24(a).

1529

152 x 152 x 30 UC b=76-45 |
N 8mm plate N .
' 2
1
I i T
wn .
X X —— X & ,5 X X
A 66
- o
A t
1t : 1 T
1 (R >
i ™ 20mm o boits |
i 90
"
i e Column  Section
=
Roof Beam Connections
a) Column - Roof to Second Floor
—_ 203-2 |
2 |
203x 203x46 UC .’:L )'1
Y_‘ — - s R |
431 ‘
44
® o
. - X x 3 o
- — - o~
:i 80
— T | — | e T
11 SO N |
1 \ >
Il 20mm @ bolts bl
S |

Floor Beam Connections

b} Column - Second Floor to Base

Figure 8.24 Column connections and section dimensions
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The design strength from Table 6, p, =275 N/mm?
Flange b/T="76.45/9.4=8.13 <8.5—Plastic

Web d/T=123.4/6.6=18.7 <39—Semi-compact
The limiting proportions are from Table 7 of the code.

Local capacity check:
Moment capacities for the XX and YY axes are:

M, =247.1x275/10° =67.95kNm
<1.2x221.2x275/10° =73.0kNm
M., =111.2x275/10° =30.58 kNm

<1.2x275x73.06/10° =24.10kNm
Interaction expression:

126.2x 10 + 10.92 +ll.31 _

38.2x275 6795 24.10

The section is satisfactory.
Overall buckling check:

The column is effectively held in position and partially restrained in direc-
tion at both ends. From Table 24, the effective length is:

Lg=0.85 x 4000 = 3400 mm

A =3400/38.2 =89

From Table 27(c)

p. =144 N/mm?
The axial load at the centre of the column is

=126.2+(3x1.4)=130.4kN

The buckling resistance moment M, is calculated using Section 4.7.7 of the
code:

Ar =0.5x4000/38.2 =52.35
Py =232.2N/mm? (Table 11)
M,=232.2x247.1/103=57.4kNm
Interaction expression:
130.4x 10 + 10.92 + 11.31 x 103
382x144 574 275%x73.06

The section is satisfactory.

0.75 <1.0

=0.98 <1.0

Second floor to base

The same column section will be used from the second floor to the base. The
lower column length between first floor and base will be designed.

Referring to Figure 8.23, the design load and moments just below first floor
level are:

F= (1.4%x3238) +(1.6x68.4)=562.76kN
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M, =(14x584) +(1.6x1.73)=10.94kNm
M, =(1.4x%6.33) +(1.6x1.73)=11.63kNm
Try 203 x 203 UC 46, the properties of which are:
A =588 cm?r,=5llcm;
Z, =151.5cm? §,=479.4cm?
Local capacity check:

The floor beam connections and column section dimensions are shown in
Figure 8.24(b). The section is plastic and

Py=275N/mm?
The moment capacities are:
M., =275%497.4/103 =136.8kNm
M, =12x151.5%275/103= 50.0kNm
Interaction expression:
562.76 x 10 + 10.94 + 11.63
58.8x275 136.8 50.0
Overall buckling check:
A =0.85x 5000/51=83.2
Pe=155.2N/mm? (Table 27(c))
Axial load at centre of column:
=562.76+ (1.4 x 3.75)= 568.01 kN
ALr=0.5x%5000/51.1=48.9
P, =240.6 N/mm? - Table 11
M, =240.6 x497.4/10°=119.6 kNm
Interaction expression:
568.01 x 10 + 10.94 + 11.63x10?
58.8x155.1 119.6 275x151.5
The section is satisfactory.

=0.66 <1.0

=0.992 <1.0

8.7 Cased columns subjected to axial load and moment

8.7.1 Code design requirements

The design of cased members subjected to axial load and moment is set out in
Section 4.14.4 of BS 5950: Part 1. The member must satisfy two conditions.

(1) Capacity check

F. M, M,
+ L+
Pcl Mcl Mcy

<1
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F. =compressive force due to axial load

P., =compressive resistance of a cased strut with zero slenderness (see
Section 8.4.11)

M, =applied moment about the XX axis
M, =applied moment about the YY axis
M_, = moment capacity of the steel section about the XX axis
M., = moment capacity of the steel section about the YY axis

(2) Buckling resistance
F, mM, mM,
4 42
P, M, M,
where P, =compression resistance (see Section 8.4.11)

m =equivalent uniform moment factor

M, =buckling resistance moment calculated using the radius of
gyration r, for a cased section.

<=1

8.7.2 Example

A column of length 7m is subjected to the factored loads and moments as
shown in Figure 8.25. Design the column using Grade 43 steel and Grade 30
concrete.

Try 203 x 203 UC 60, the properties of which are:

A=758cm?, S,=652cm?,

r,=89%cm, r,=5.19cm,

u=0.847, x =14.1

1200 kN 320 L
8S kNm '
: T
C 1 -7
o
& "
£ R S
| - |
i 1 \
— ‘el
51kNm
\_T/ 206-2 203 x 203x60UC
610kN
a) Column and Loads b) Cased Section

Figure 8.25 Cased column: design example
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The section is plastic and design strength p, =275 N/mm?. The cased section
320 mm x 320 mm is shown in Figure 8.25(b).

(1) Capacity check

The terms for the interaction expression in Section 8.7.1(1) above are
calculated:

2
P¢.=(75.8+O'25 x 30 x 32 )275

Mcx=652x275/103=179.3kNm
Interaction expression:

1200+ 85
2852 1793

This is satisfactory.

=0.42+0.474=0.894 <1.0

(2) Buckling resistance

For the cased section r,=0.2 x 320 =64 mm. The strut is taken to be held in
position and partially restrained in direction at the ends:

Lg =7000 x 0.85= 5950 mm (Table 24)

A =5950/64 =93.0

p. =137N/mm? (Table 27(c))

0.45x30x 322\ 137
= &8 +— =
P, (75 8 275 ) 0 1727kN
From Table 18, for §= —51/85= —0.6:
m =043

A =93.0 (same as above)

A/x =93/14.1=6.59

v =0.746 (Table 14)

Aur =0.847 x0.746 x 93=158.7
P» =216.3N/mm? (Table 11)
M, =216.3 x652/103=141 kNm

Interaction expression:

1200+0.43 x 85
1727 141

The section is satisfactory.

=0.694+0.259=0.953 <1.0

8.8 Side column for a single-storey industrial building

8.8.1 Arrangement and loading

The cross section and side elevation of a single-storey industrial building are
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shown in Figures 8.26(a) and (b). The columns are assumed to be fixed at the
base and pinned at the top, and act as partially propped cantilevers in resisting
lateral loads. The top of the column is held in the longitudinal direction by the
eaves member and bracing, as shown on the side elevation.

The loading on the column is due to:

(1) Dead and imposed load from the roof and dead load from the walls and
column; and
(2) Wind loading on roof and walls.

The load on the roof consists of:

(1) Dead load due to sheeting, insulation board, purlins and weight of truss
and bracing. This is approximately 0.3-0.5kN/m? on the slope length of
the roof; and

(2) Imposed load due to snow, erection and maintenance loads. This is given
in BS 6399: Part 1 as 0.75kN/m? on plan area.

The loading on the walls is due to sheeting, insulation board, sheeting rails
and the weight of the column and bracing. The weight is approximately the
same as for the roof.

The wind load depends on the location and dimensions of the building. The
method of calculating the wind load is taken from CP3: Chapter V: Part 2.
This is shown in the following example

I Eaves tie
- X
a) Section through Building r I
s
- |
X
>= f
T - r
—~— !
A
=’y - T r
b) Side Etlevation - ‘AF——‘%“

¢) Side Column

Figure 8.26 Side column in a single-storey industrial building
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Roof cladding. purlins
fruss, imposed load

Wind \\\///

\ !y
Sheeting H ‘1 l—'
rails — ——
cladding — ——
ls el
a) Dead and imposed Loads b) Wind Loods

Resultant Wind
toads —_—
N2 A%
e SR —r T
= S

H H2 Yz X

- ™
H2 ~H1 H2~H1 | !
2 2 3 /
m R2 /
¢) Wind on Roof d) Deflected Frame
TWind

Roof
/\ From Wind 1 00
———

L Column

Wind and Wall

e) Wind on Walls

Y

f) Column Loads

Figure 8.27 Loads on side column of an industrial building

The breakdown and diagrams for the calculation of the loading and mo-
ments on the column are shown in Figure 8.27, and the following comments
are made on these figures.

(1) The dead and imposed loads give an axial reaction R at the base of the
column (see Figure 8.27(a)).

(2) The wind on the roof and walls is shown in Figure 8.27(b). There may be a
pressure or suction on the windward slope, depending on the angle of
slope. The reactions from wind on the roof only are shown in Figure
8.27(c). The uplift results in vertical reactions R, and R,. The net horiz-
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ontal reaction is assumed to be divided equally between the two columns.
This is 0.5(H, — H,), where H, and H, are the horizontal components of
the wind loads on the roof slopes.

(3) The wind on the walls causes the frame to deflect, as shown in Figure
8.27(d). The top of each column moves by the same amount S. The wind
p1 and p, on each wall, taken as uniformly distributed, will have different
values, and this results in a force P in the bottom chord of the truss, as
shown in Figure 8.27(e). The value of P may be found by equating deflec-
tions at the top of each column. For the case where p, is greater than p,
there is a compression P in the bottom chord:

piL* _PL® p,L* + PL?
8EI 3EI 8EI 3EI
This gives P=3L(p, — p,)/16
where I=moment of inertia of the column about the XX axis
(same for each column)
E=Young’s modulus
L = column height.

(4) The resultant loading on the column is shown in Figure 8.27(f), where the
horizontal point load at the top is:
H=P+(H,— H,)/2

The column moments are due entirely to wind load.

8.8.2 Column design procedure
(1) Section classification

Universal beams are often used for these columns where the axial load is small,
but the moment due to wind is large. Referring to Figure 8.28(a), the classific-
ation is checked as follows:

(1) Flanges are checked using Table 7 of the code where limits for b/T are
given, where
b =flange outstand as shown in the figure

T=flange thickness

{2) Webs are in combined axial and flexural compression. The classification
can be checked using Table 7 and Section 3.5.4 of the code. For example,
from Table 7 for webs generally a plastic section has the limit:

¢
0.4+0.6a
where d =clear depth of web
t = thickness of web
a =2y/d
where y. = distance from the plastic neutral axis to the edge of the web

connected to the compression flange. This depends on the
axial load.

djt <
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(2) Effective length for axial compression

Effective lengths for cantilever columns connected by roof trusses are given in
Appendix D of BS 5950: Part 1. The tops must be held in position longitud-
inally by eaves members connected to a braced bay.

b
’ Eaves
> Member
-
« _J_ 1!_— . ‘j
— : ]
X X -
- 2 || &
et i T M
-
4
——
3
- Fixed
Base
a) Column Section JL_ .M../ Hb_u_ i {
No Restraint Restraint near Centre
b) Column  Conditions
£ —rd
z T — T N
Laced Member Stays from Sheeting Rail

¢} Lateral Support for Column

Figure 8.28 Side column design features

Two cases are shown in Figure 8.28(b):

(1) Column with no restraints:

2

XX axis Lg=1.5L

YY axis Lg=0.85L.
If the base is not effectively fixed about the YY axis:

Column with restraints:

The restraint provides lateral support against buckling about the weak
axis:

XX axis Lg=1.5L

YY axis Lg=0.85 L, or L,, whichever is the greater.

The restraint is often provided by a laced member or stays from a sheeting
rail, as shown in Figure 8.28(c).

(3) Effective length for calculating the buckling resistance moment
The effective length of compression flange is estimated using Sections 4.3.5,
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4.3.6 and Tables 9 and 10 of BS 5950: Part 1, and the effective lengths for the
two cases shown in Figure 8.28(b) are:

(1) Column with no restraints (Table 10):
The column is fixed at the base and restrained laterally and torsionally at
the top. For normal loading Lg =0.5 L. Note that the code specifies in this
case that the uniform moment factor m and slenderness-correction factor
n are to be taken as 1.0.

(2) Column with restraints:
This is to be treated as a beam and the effective length taken from Table 9:

Lg=0.85L, or 1.0 L, in the case shown.

(4) Column design

The column moment is due to wind and controls the design. The load combin-
ation is then dead plus imposed plus wind load. The load factor from Table 2
of the code is yy=1.2.

The following two checks are required in design:

(1) Local capacity check at base; and
(2) Overall buckling check.

The design procedure is shown in the example that follows.

(5) Deflection at the column cap

The deflection at the column cap must not exceed the limit given in Table 5 of
the code for a single-storey building. The limit is height/300.

8.8.3 Example: design of a side column

A section through a single-storey building is shown in Figure 8.29. The frames
are at Sm centres and the length of the building is 30m. The columns are
pinned at the top and fixed at the base. The loading is as follows:

Roof: dead load—measured on slope

sheeting, insulation board, purlins and truss =0.45kN/m?
imposed load—measured on plan =0.75kN/m?
Walls: sheeting, insulation board, sheeting rails =0.35kN/m?
Column: estimate =3.0 kN
10. 77"7

Lm

v~ N

JL_.J,
N

6m

20m _ﬁl Figure 8.29 Section through building



Side column for a single-storey industrial building 229

Wind load. This is taken from CP3, Chapter V: Part 2. The wind loading is
set out below, where all necessary data regarding the building are given.

Determine the loads and moments on the side column and design the mem-
ber using Grade 43 steel. Note that the column is taken as not being supported
laterally between the top and base.

(1) Column loads and moments
Dead and imposed load
Roof—dead load =10x5x%0.45x10.77/10=24.23kN

—imposed load=10x 5% 0.75 =37.5kN
Walls =6x5x%x0.35 =10.5kN
Column = 3 0kN
Total load at base =75.23kN

Wind load
Location—north-east England

Basic wind speed V =45m/s
Topography factor §;,=1.0

Ground roughness 3. The location is on the outskirts of a city with obstruc-
tions up to 10m in height.

Building size—Class B. The greatest horizontal or vertical dimension does
not exceed 50 m.

Height to the top of the roof H=10m
Height to the top of the walls H= 6m

From Table 3 Roof $,=0.74
Walls S,=0.668
Statistical factor S;=1.0
Design wind speed
Roof ¥, =0.74 x 45 =333m/s
Walls V,=0.668 x 45 =30.06m/s
Dynamic pressure
Roof ¢ =0.613 x 33.3%/103 =0.68 kN/m?
Walls ¢ =0.613 x 30.06%/10° =0.554 kN/m?

The external pressure coefficients Cj, for the roof and walls taken from Table 8
and 7, respectively, are shown in Figure 8.30(a). The values are for the wind
angle & =0 degrees to cause moments in the columns and for a roof slope of 22
degrees.

The internal pressure coefficients C,,; for the case where there is only a
negligible probability of a dominant opening occurring during a severe storm
are taken from Appendix E of the code. The critical value for design is given by
the more onerous of the values +0.2 or —0.3.
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Figure 8.30 Wind-pressure coefficients and loads

The pressure coefficients for the building are shown in Figure 8.30(b). The
wind load normal to the walls and roof slope is given by:

W=5qL (Cpe— Cpi)
L =height of wall or length of roof slope
¢ =dynamic pressure for walls or roof slopes.
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The wind loads are also shown in Figure 8.30(b).

The resultant normal loads on the roof and the horizontal and vertical
resolved parts are shown in Figure 8.30(c). The horizontal reaction is divided
equally between each support and the vertical reactions are found by taking
moments about supports. The reactions at the top of the columns for the two
wind-load cases are shown in the figure.

The wind loading on the walls requires the analysis set out above in Section
8.8.1, where the column tops deflect by an equal amount and a force P is
transmitted through the bottom chord of the truss. For the internal pressure
case (see Figure 8.30(d)):

P=3(8.31-6.64)/16=0.313kN

The loads and moments on the columns are summarized in Figure 8.31.

Wind Case Internal Pressure Internal Suction
Column Windward Leeward Windward Leeward
Dead Lz4.23 424.23 l24.23 lu.za
Imposed lss.s 137.5 137.5 437.5
Wind r18.36 119.72 '1.35 T2.72
.237 .863 2.87 3.97
wina 8.31 113.5 6.64 113“5 16.6 lxa.s 13.51 1.66
Wall
Column
Dead 437.73 fa7.73 f37.73 } 37.73
Imposed 137.54 137.5 137.5 T 37.5
Wind 418.36 419.72 j1.36 * 2.72
Wind 26.35 25.1 32.64 18.84
Moment \/f w,} \,} \/}

Loads are in kN, Moments are in kNm

Figure 8.31 Summary of loads and moments

Notional horizontal loads

To ensure stability, the structure is checked for a notional horizontal load in
accordance with Clause 2.4.2.3 of BS 5950: Part 1. The notional force from the
roof loads is taken as the greater of:

1 per cent of the factored dead loads=0.01 x 1.4 x 24.23=0.34kN
or 0.5 per cent of the factored dead load plus vertical imposed load

= 0.005 [(1.4 x 24.23) + (1.6 x 37.5)] = 0.5kN

This load is applied at the top of each column and is taken to act simul-
taneously with 1.4 times the dead and 1.3 times the imposed vertical loads.
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The design load at the base is

P=(1.4x%37.73)+(1.3x37.5)=101.57kN
The moment is:

M=0.5%x6=3.0kNm

The design conditions for this case are less severe than those for the combin-
ation dead + imposed + wind loads.

(2) Column design

The maximum desiga condition is for the wind-load case of internal suction
for the windward column. The load combination is dead plus imposed plus
wind loads.

Local capacity check (see Section 8.52)

Design load  =1.2(37.73+37.5-1.36) =88.64kN
Design moment= 1.2 X 32.64 =39.17kNm

Try 406 x 140 UB 39, the properties of which are:
A=49.4cm?; §,=721cm3; Z,=627cm?
r.=15.88¢cm; r, =2.89cm; x =474
I,=12452cm*

Check the section classification using Table 7. The section dimensions are
shown in Figure 8.32:

Design strength p, =275 N/mm? (Table 6)

Factore=1.0

Flanges /T=70.9/8.6=8.2 <8.5 (Plastic)

Web. This is in combined axial and flexural compression.

161-8

b =709
o
) . @
— =
— 1 !
] Supports
m / axial load
[¥a]
- (=3
X X = ~
& : :EL_JL X1 X1
63 L
Plastic
neutral axis

Figure 8.32 Column section

Design axial load = 88.64 kN
Length of web supporting the load at the design strength:

_88.64%10°

=275x63 oLimm
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The plastic neutral axis is 25.55 mm from the centre, as shown in Figure 8.32;
¥e=(359.6/2)+ 25.55=205.3mm
x =2x2053/359.6 =1.14
79 .
n 3 d < m= 72 (Plastic)
The moment capacity about the XX axis:
Mcex=275%721/103 =198.22kNm
<1.2x%275x627/10° =206.9 kNm
Interaction expression:
88.64x10 39.17
49.4x275 198.22

The section is satisfactory.

=0.07+0.2=0.27 <1.0

(3) Overall buckling check

Compressive strength
A,=1.5x%6000/158.5 =56.78
A,=0.85 x 6000/28.9 =176.47 <180

Pe=52.1 Nmm? (Table 27(c))

Buckling resistance moment

Lg=0.5x 6000 =3000 (Tahle 10)
When this table is used, m=n=1
A =3000/28.9=103.8

Use the conservative approach in Section 4.3.7.7 of the code:

Py =146.8 N/mm? from Table 19(b) for
A =103.8and x=474
My=146.8 x 721/10°=105.8 kNm

Interaction expression
88.64=10 39.17
49.4x52.1 1058

The section is satisfactory. The slenderness exceeds 180 for the next lightest
section.

=0.35+0.37=0.71 <1.0

(4) Deflection at column cap

For the internal suction case:
_ 16.62 % 103 x 60003 2.87 x 10 x 60003
T 8x205% 103 x 12452 x 10* 3 x 205 x 10° x 12452 x 10*
=17.57-8.09=9.48 mm
6/Height =9.48/6000=1/632 <1 /300 (Table 5)

The column is satisfactory with respect to deflection.
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8.9 Crane columns

8.9.1 Types

Three common types of crane columns used in single-storey industrial build-
ings are shown in Figure 8.33. These are:

(1) A column of uniform section carrying the crane beam on a bracket.

(2) A laced crane column.

(3) A compound column fabricated from two universal beams or built up
from plate.

Only the design of a uniform column used for light cranes will be discussed
here. Types (2) and (3) are used for heavy cranes.

Z. Z,

-

1

| !
Crane loods T

l -— - rign
T ; : P
X

NI ‘
e e | e
X X X
e ‘>’
a) Uniform b) Laced ¢) Compound

Figure 8.33 Types of crane columns

8.9.2 Loading

A building frame carrying a crane is shown in Figure 8.34(a). The hook load is
placed as far as possible to the left to give the maximum load on the column.
The building, crane and wind loads are shown in the figure in (b), (c) and (d),
respectively.

8.9.3 Frame action and analysis

In order to determine the values of moments in the columns the frame as a
whole must be considered. Consider the frame shown in Figure 8.34(a), where
the columns are of uniform section pinned at the top and fixed at the base. The
separate load cases are discussed.



Crane columns 235

| anyl .

;LF'Iook lood

Minimum hook

approach L
o)} Section
Roof Wind on roof
dead «+ ‘ 1
imposed / - /
Crane Crane wheel load
{ girder ;
-~
5 Surge 5
Claddin
R 9 l(olumn wind
Sheeting on
rails ’ Walls
.U- 1L JJ
b) Dead and ¢) Crane Loads d) Wind Loads
Imposed Load

Figure 8.34 Loads on crane columns

(1) Dead and imposed loads

The dead and imposed loads from the roof and walls are taken as acting
axially on the column. The dead load from the crane girder causes moments as
well as axial load in the column. (See the crane wheel load case below.)

(2) Vertical crane wheel loads

The vertical crane wheel loads cause moments as well as axial load in each
column. The moments applied to each column are unequal, so the frame sways
(as shown in Figure 8.35(a)) and a force P is transmitted through the bottom
chord.

Consider the column ABC on Figure 8.35(a). The deflection at the top is
calculated for the moment from the crane wheel loads M, and force P sep-

arately using the moment area method.'® The separate moment diagrams are
shown in Figure 8.35(b).
The deflection due to M, is:

6 =M,L, (L-L,/2)/EI
where L =column height

L, =height to the crane rail

ET=column rigidity
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Figure 8.35 Vertical and horizontal crane-wheel loads and moments

The deflection due to the load P at the column top is
8, = PL3/3EI
The frame deflection is
=8,—9,
Equating deflections at the top of each column gives:

MiLi(, Li\_PL’ MLi(, Li\ PL®
EI 2] 3EI EI 2 ) 3EI
where P =3L, (L—L,/2) (M, + M)/2L?

The moments in the column can now be calculated.
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If the self weight of the crane girder applies a moment M to each column
then the force in the bottom chord is:
LM
-5

P, (L—Ly/2)

(3) Crane surge

In Figure 8.35(c) the crane surge load § is the same each side and each column
acts as a free cantilever. The loads and moments for this case are shown in the
figure.

(4) Wind loads

Wind loads on this type of frame were treated in Section 8.8.1.

(5) Load combinations
The separate load combinations and load factors y, to be used in design are
given in Table 2 of BS 5950: Part 1. The load cases and load factors are:

(1) 1.4 Dead + 1.6 Imposed + 1.6 Vertical Crane Load

(2) 1.4 Dead + 1.6 Imposed + 1.6 Horizontal Crane Load

(3) 1.4 Dead + 1.6 Imposed + 1.4 (Vertical and Horizontal Crane Loads)
(4) 1.2 (Dead + Imposed + Wind + Vertical and Horizontal Crane Loads)

It may not be necessary to examine all cases. Note that in case (2) there is no
impact allowance on the vertical crane wheel loads.

8.9.4 Design procedure
(1) Effective lengths for axial compression

The effective lengths for axial compression for a uniform column carrying the
crane girder on a bracket are given in Appendix D of BS 5950: Part |.
In Figure 8.33(a) the effective lengths are:

XXaxis Lg=15L
YY axis Lg=0.85L,

The code specifies that the crane girder must be held in position longitudinally
by bracing in the braced bays. If the base is not fixed in the YY direction, Lg
=10L,.

(2) Effective length for calculating the buckling resistance moment

The reader should refer to Sections 4.3.5, 4.3.6 and Table 9 of BS 5950: Part 1.
The crane girder forms an intermediate restraint to the cantilever column.
Section 4.3.6 states in this case that the member is to be treated as a beam
between restraints and Table 9 is to be used to determine the effective length
Lg. A value of Lg=0.85 L, may be used for this case.

(3) Column design

The column is checked for local capacity at the base and overall buckling.
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(4) Deflection

The deflection limitation for columns in single-storey buildings applies. In
Section 2.5.1 and Table 5 of BS 5950: Part 1 the limit for the column top is
Height/300. However, the code also states that in the case of crane surge and
wind only the greater effect of either need be considered in any load
combination.

8.9.5 Example: design of a crane column
(1) Building frame and loading

The single-storey building frame shown in Figure 8.36(a) carries a S0kN
electric overhead crane. The frames are at S5m centres and the length of the
building is 30 m. The static crane wheel loads are shown in Figure 8.36(b). The
crane beams are simply supported, spanning 5m between columns, and the
weight of a beam is approximately 4 kN. The arrangement of the column and
crane beam with the end clearance and eccentricity are shown in Figure

8.36(c).
s Surge %
applied to Clearance 200
wn column ] l’_
; Tsom ¢ ‘3'1;:- 1
- rane [/
=
L _l Eccentricity
L 450 approx.
20m
r —1 E
a) Section through Building ~
Crob 15kN A _
: ar=S ;]
t} Crane Column
2 wheels T 2 Wheels -
each 45kN S0kN each 1BkN

End carriage wheel certres = 2.5m
b} Crane

Figure 8.36 Building frame with crane

Dead and imposed loads

The roof and wall loads are the same as for the building in Section 8.8.3. The
loads are:

Dead loads—Roof =24.23kN
Walls =10.5kN
Crane column + bracket = 4.0kN
Crane beam = 4.0kN

Dead load at column base=42.73 kN
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Dead load at crane girder level

=27.86kN
Imposed load—Roof =37.5kN
The eccentric dead load of the crane beams cause small moments in the
columns.

In Figure 8.37(a) the applied moment to each column:
M=4x045=18kNm

Roof
L 3
0-42 kN - ‘ £
1MP-063 B -J) Crane beam ( "1g -063451.17
kNm\[ kNm l kNm kNm
l Wall + Column
-0-72 ?IL'A 0 v '?(:2
kNm m
162-73 kN Dead L2'73kN1
1 37-SkN Imposed 37-SkN t
2) Dead aond Imposed Loads
0-55 kN 0:55kN
1-91 kNm 0.3 kN -2-49kNm
8-31kN 6-64kN
26-33kNm - 251 kNm
§ 20 04w 19'61kN4
wind Infernal  Pressure
0 55kN 0-55kN
_1- 3-42kN
1 -19kNm 566 kNm
16 62kN 1-66kN
32 64 kN Jremn 261kn) 1884 kN

Wind Infernal  Suction

b) Wind Loads

Figure 8.37 Crane column loads and moments
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Dead load at crane girder level

=27.86kN
Imposed load—Roof =37.5kN
The eccentric dead load of the crane beams cause small moments in the
columns.

In Figure 8.37(a) the applied moment to each column:
M=4x0.45=18kNm

Roof
| ]
0-42 kN F
M P-063 BJ) Crone beam ( ¢ £ -0634-117
kNm\| kN l kNm |/ kNm
l Wall + Column
-0 hra D -om
kN m
" Yok Dead w273kn]
t 37-SkN Imposed 37-5kN 1}
o} Dead and |mposed Loads
0-55kN . 0-55 kN
191 kNm 0313 kN - 2-L9KNm
8-31kN 6-64kN
26-33kNm - 251 kNm
‘ 20- 0L kN 19 61kNl
wind Infernal Pressure
0-5SkN 0-S5kN
9. 3-42kN
1-19kNm 564 KNm
16 62kN 1-66kN
32 6L kN ‘1“.7“‘ 2'6“(“‘ 18-84 kN

Wind internal  Suction

b} Wind Loods

Figure 8.37 Crape column loads and moments
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Wind loads

The wind loads are the same as for the building in Section 8.8.3 and wind load
and column moments are shown in Figure 8.37(b).

Vertical crane wheel loads
The crane wheel loads, including impact, are:

Maximum wheel loads =45+ 25% = 56.25 kN
Light side-wheel loads = 18 + 25% =22.5 kN

To determine the maximum column reaction the wheel loads are placed equi-
distant about the column, as shown in Figure 8.38(a). The column reaction
and moment for the maximum wheel loads are:

R, =2x56.25x3.75/5 =84.375kN

M, =84.3x045 =37.87 kNm
For the light side-wheel loads:

R, =2x225x3.75/5 =33.75 kN

M; =33.75%x0.45 =15.19 kN

The load in the bottom chord is (see above):
_3x45

P =55®

(6—%2) (37.87+15.19)=6.22kN

The moments for column ABC are:

Mge=—-6.22x%x1.5 =— 9.33kNm
Mg,=37.87-9.33 = 28.54kNm
M, =37.87—-(6.22x6) = 0.55kNm

These moments and the moments for column DEF are shown in Figure
8.38(b).

Crane surge loads
The horizontal surge load per wheel
=0.1 (50+15)/4 =1.63kN
The column reaction from surge loads
Ry =2x1.63x3.75/5 =245kN
The moments at the column base are
M, =245%x49 12.0kNm

The loads and moments are shown in Figure 8.38(c).

(2) Design load combinations

Consider column ABC with wind internal suction case, maximum crane wheel



242  Compression members
loads and crane surge. The design loads and moments for three load combin-
ations are:

(1) Dead + Imposed + Vertical Crane Loads
Base

P =(1.4%x42.73)+ (1.6 x37.5)+ (1.6 x84.38) =254.83kN

M=(1.4x0.72)+ (1.6 x0.55) =—0.13kNm

Crane girder

P =(1.4%27.86)+ (1.6 x37.5)+ (1.6  84.38) =234.01kN

M=(1.4x1.17)+(1.6x 28.54) = 47.3kNm
(2) Dead + Imposed + Vertical and Horizontal Crane Loads

Base

P =(1.4%x42.73)+(1.6 x37.5)+ (1.4 x84.38) =237.95kN

M=-(1.4x0.72)+1.4(0.55-12) = —17.04kNm

Crane girder
P =(1.4x27.86)+(1.6x37.5)+(1.4x84.38) =217.14kN
M=(1.4x1.17)x(28.54 +0.98) =42.97kNm

(3) Dead + Imposed + Wind Internal Suction+ Vertical and Horizontal
Crane Loads

Base

P =1.2[42.73+37.5—1.47+84.38] =195.77kN
M=12[-0.72+32.64+0.55+12.0] =53.36kNm
Crane girder

M=12[1.17-1.19+28.54+0.98] =35.4kNm

Note that design conditions arising from notional horizontal loads specified in
Clause 2.4.2.3 of BS 5950: Part 1 are not as severe as those in condition (3)
above.

(3) Column design

Try 406 x 140 UB 46, the properties of which are:
A=59.0cm?; S,=888.4cm?, Z,=777.8cm?
r,=1629cm, r, =3.02cm, x =38.8; ,=15647 cm*

Local capacity check at base

The reader should refer to the example in Section 8.8.3. The section can be
shown to be plastic: design strength p, =275 N/mm?:

Mcx =275 % 888.4/10° =244.3kNm
Interaction expression
254.83 % 10
-+ ligible =0, .
Case (1) 59.0x275 Moment negligible =0.157 <1.0
7.9 .
Case () 2123% 10  17.04 =0.217 <1.0

590.275 2443
195.77x 10 = 53.36

C + =0. .
ase (3) 590x275 3443 0.339 <1.0

The section is satisfactory. Case (3) is the most severe load combination.
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Overall buckling check

Compressive strength:
A,=1.5x%6000/162.9 =55.25
A,=0.85x4500/30.2 =112.6

P.=106.4 N/mm? (Table 27(c))

Bucking resistance moment:

Lg =0.85%4500 =3825mm

A =3825/30.2 =112.6

x =388

n  =1.0 (conservative estimate)

Py = 138.2N/mm? (Table 19)

M, =128.2 x888.4/10° =122.7kNm

Interaction expression:

195.77 x 10 + 53.36
59.0x 1064 122.7

The column is satisfactory.

=0.74 <1.0

Deflection at column cap
The reader should refer to Figures 8.37 and 8.38:

Deflection due to crane surge 6,
ET 5,=12x 10° x 4900 x 4367/2=1.284 x 10'*
Deflection due to windd,,
ET 6, =16620 x 6000%/8 —2.87 x 10° x 6000%/3 =2.421 x 10'*
Add deflection from crane wheel loads to that caused by wind load:
EI 6=2.421 x 10" +37.87 x 10° x 4500 x 3750 — 6220 x 6000 x 10%/3

=4.334x 1014
__ admxiot
205% 10> x 15647 x 10% > mm
8/height = 13.51/6000 =1/444 <1/300

The deflection controls the column size.

8.10 Column bases

8.10.1 Types and loads

Column bases transmit axial load, horizontal load and moment from the steel
column to the concrete foundation. The main function of the base is to dis-
tribute the loads safely to the weaker material.
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The main types of bases used are shown in Figure 8.39. These are:

(1) Slab base;
(2) Gusseted base; and
(3) Pocket base.

With respect to slab and gusseted bases, depending on the values of axial load
and moment, there may be compression over the whole base or compression
over part of the base and tension in the holding-down bolts. Bases subjected to
moments about the major axis only are considered here. Horizontal loads are
resisted by shear in the weld between column and base plates, shear in the
holding-down bolts and friction and bond between the base and the concrete.
The horizontal loads are generally small.

ru / ' '
1 |

1 L 1

o | Ce ;

===

j.'-—Grouf
p
+ + + 3
+ +
+ 4 B =
a) Slab  Base b) Gusseted Base ) Pocket Base

Figure 8.39 Column bases

8.10.2 Design strengths
(1) Base plates

The design strength of the plate p,, is given in Section 4.13.2.2 of BS 5950:
Part 1. This is to be taken from Table 6 but is not to exceed 270 N/mm?.

(2) Holding-down bolts

The strengths of bolts are given in Table 32 of the code (see Sections 4.2.2 and
4.2.3). The tensile stress area shouid be used in the design check for bolts in
tension.

(3) Concrete

The column base is set on steel packing plates and grouted in. Mortar cube
strengths vary from 15 to 25 N/mm?. The bearing strength is given in Section
4.13.1 of the code as 0.4 f,,,, where £, is the cube strength at 28 days. For design
of pocket bases the compressive strength of the structural concrete is taken
from BS8110: Part 1.
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8.10.3 Axially loaded slab base
(1) Code requirements and theory

This type of base is used extensively with thick steel slabs being required for
heavily loaded columns. The slab base is free from pockets where corrosion
may start and maintenance is simpler than with gusseted bases.

The design of slab bases with concentric loads is given in Section 4.13.2.2 of
BS 5950: Part 1. This states that where the rectangular plate is loaded by an I,
H, channel, box or rectangular hollow section its minimum thickness should

’ 0.5
t = (‘2’—5 w(a®—~ 0.3b2))
yp

but not less than the flange thickness of the column supported, where

a = greater projection of the plate beyond the column

b =lesser projection of the plate beyond the column

w = pressure on the underside of the base assuming uniform distribution
Pyp =design strength of the plate.

The above equation takes into account plate bending in two directions. The
moment in the direction of the greater projection is reduced by the co-existent
moment at right angles. Poisson’s ratio 0.3 is introduced to allow for this
effect.®

Consider an element at 4 and the two cantilever strips | mm wide shown in
Figure 8.40. The moments at A4 are:

Mx = wa2/2
My = Wb2/2
The projection a is greater than b, so the net moment is:

Mx=1/2wa® — 1/2(0.3)wh?
=w/2 (a— 0.3 b%)

=12p,,/6
|
7
Y | I —
A |7 ;.
—_— ) B H_EI
E
; Strip
. > Section

1

L

|
w N/mm? :
b |

Figure 8.40 Column base piate moments
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where the elastic modulus for the cantilever strip is £2/6. The moment capacity
for the base plate is given in Section 4.13.7.3 of the code as 1.2 p,,Z. This gives:

25 0.5
x=( ¥ (@ —0.3b2))

Pyp

(2) Weld: column to slab

The code states in Section 4.13.3 that where the slab and column end are in
tight contact the load is transmitted in direct bearing. The surfaces in contact
would be machined in this case. The weld only holds the base slab in position.
Where the surfaces are not suitable to transmit the load in direct bearing the
weld must be designed to transmit the load.

8.10.4 Axially loaded slab base: example

A column censisting of a 305 x 305 UC 198 carries an axial dead load of
1600kN and an imposed load of 800 kN. Adopting a square slab, determine
the size and thickness required. The cube strength of the concrete grout is 25 N
/mmZ. Use Grade 43 steel.

The area required for the base is calculated first:

Design load = (1.4 x 1600) + (1.6 x 800) = 3520 kN

Area=3520 x 10%/(0.4 x 25) =35.2x 10* mm?
Make the base 600 mm square
Pressure w=3520 x 103/6002 =9.78 N/mm?

The arrangement of the column on the base plate is shown in Figure 8.41.
From this:

a—greater projection of base =142.95mm

b—lesser projection of base =130.05mm

Assume that the thickness of plate is less than 40 mm. Design strength p,,
=265 N/mm? (Table 6).
The thickness of the base plate is given by:

_(2.5%9.78 ) 2\
t (——265—(142.95 0.3x130.05 ))
=37.6mm
3 g
—Ir g
.
;;': 3
—
130-05# 3%-9 J_noos.
600 Figure 8.41 Axial loaded base: example
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The column flange thickness is 31.4 mm. Make the base plate 40 mm thick.
Use 6 mm fillet weld all round to hold the base plate in place. The surfaces are
to be machined for direct bearing. The holding-down bolts are nominal but 4
No. 24 mm diameter bolts would be provided.

Base slab: 600 mm x 600 x 40 mm thick.

8.10.5 Eccentrically loaded bases

(1) General considerations
Consider bases subjected to axial load and bending about one axis. Two sep-
arate cases occur:
(1) Pressure over the whole base;
(2) Pressure over part of the base and tension in the holding-down bolts
The relative values of moment and axial load determine which case will occur
in a given instance.

The code states in Section 4.13.1 that the nominal bearing pressure between
the base plate and the support may be determined on the basis of a linear
distribution of pressure. Thus the base is designed using elastic analysis.

8.10.6 Compression over the whole of the base

A column base and loading are shown in Figure 8.42 with the pressure distri-
bution under the base. The following terms are defined:

W  =total load on the base

M =moment on the base

e = eccentricity of the load= M/W
b= breadth of base

I =length of base

Pmax = Maximum pressures under the base

The middle third rule applies, and if the eccentricity e is less than one sixth, the
resultant load lies within the middle third of the length of the base and press-
ure occurs over the whole of the base:

A =area of base= b/
Z =modulus =b?/6

=

L | N

Figure 8.42 Compression over the whole of the base
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Maximum pressure on the concrete:
Pun= (W[ A)+(M/2Z)

The maximum pressure must not exceed the bearing strength of the concrete
given in Section 4.13.1 of the code.

The size of base is established by successive trials. If the length is fixed the
breadth may be determined so that the design strength of the concrete is not
exceeded. The weld size between the base plate and the column is determined
using the same requirements that were set out for the axially loaded base in
8.10.3 (2) above.

8.10.7 Slab base—compression over the whole base: example

A column base is subjected to a factored moment of 55kNm and a factored
axial load of 780kN. The column section is 203 x 203 UC 86. The cube
strength of concrete in the foundation £, is 25 N/mm?2. Design a slab base and
the weld between the column and the plate, assuming that both are machined
for tight contact. Use Grade 43 steel.

(1) Size of base
Eccentricity of load
e=55x103/780=70.5mm

If the base is made 6e in length there will be pressure over the whole of the base:
6e=423.1 mm

The breadth required to limit the pressure on the concrete to 0.4f., =
10 N/mm?:
_2x780x10°

b 423.1x10

=368.7mm

A base 430 mm square could be used. However, a rectangular base 500 mm
long by 360 mm wide will be checked. The arrangement of the base is shown in
Figure 8.43(a):

Area A =500x360 =180x10°>mm?
Modulus Z= 360 x 5002/6 =15 x 10® mm?
Maximum pressure:
780 % 10® 55x10°
pmll= 3 + 6
180x10% 15x10
=4.33+3.67 =8.0N/mm?

Minimum pressure:
Pmin =4.33—3.67 =0.66 N/mm?

the pressure distribution is shown in the elevation of the base in Figure 8.42(a).
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Figure 8.43 Slab base: example

(2) Thickness of base plate

Consider a | mm wide strip as shown in Figure 8.43(b). This acts as a can-
tilever from the face of the column with the loading caused by pressure on the
base. This method gives a conservative design for the thickness of base plate.
Plate action due to bending in two directions at right angles is not taken into
account.

Base pressure at Section XX:

=0.66 + [(500 — 138.85)/500)(8 — 0.66) = 5.96 N/mm?

The trapezoidal pressure diagram loading the cantilever strip is divided into
two triangles, as shown in the figure. The moment at Xx is calculated as
follows:

Mx=(5.96 x 138.85 x 46.28)/2 + (8.0 x 138.85 x 92.57)/2
=70.56 x 10* N/mm
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The section of plate is | mm wide x ¢t mm thick:
Z =126
Assume that the thickness is not greater than 40 mm:

py =265N/mm?
t =(6%70.56x 10%/1.2 x 265)**=36.5mm

A slab 40 mm thick is required.

(3) Weld column to base plate

The base slab has been designed on the basis of a linear distribution of press-
ure. For consistency, the weld will be designed on the same basis: column 203
x 203 UC 86:

A=110.1cm?; Z,=851.5cm?

Axial stress  f,=780x 10/110.1  =70.84 N/mm?
Bending stress fu, = 55% 10°/851.5 =64.6 N/mm?

On the basis of elastic stress distribution there is compressive stress over the
whole of the base. The slab and column are machined for tight contact so the
weld is required to hold the base slab in position. Use 6 mm fillet weld with
continuous weld to give a full seal around the column profile.

8.10.8 Gusseted base

With this type of base part of the load is transmitted from the column through
the gussets to the base plate. Gussets and other stiffeners, if provided, support
the base plate against bending and thus a thinner plate can be used than with a
slab base.

The gussets are subjected to bending from the upward pressure under the
base, as shown in Figure 8.44(a). The top edge of the gusset plates is in com-
pression and must be checked for buckling. To ensure that this does not occur,
the limiting proportions should meet those for a semi-compact element in
welded construction given in Table 7 of BS 5950: Part 1. Referring to the
figure, two requirements must be satisfied:

(1) Gusset between welds to the column flange:
D <28 &t
(2) Outstand of gusset from column or base plate:

S <13et
where ¢ = (275/p,,)**
t =thickness of gusset plate
Pyg = design strength of the gusset

The gusset plates are designed to resist shear and bending. The code states in
Section 4.13.2.4 that the moment in the gusset should not exceed p,,Z, where
Z=elastic modulus of the gusset and p,,=design strength of the gusset
<270 N/mm?.
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+ | Figure 8.44 Gusseted base

With respect to the welds, the requirements from Section 4.13.3 in the code
noted in Section 8.10.3 above apply. These concern whether or not the plates
are machined for tight contact in bearing. Weld design is given in the following
example.

8.10.9 Gusseted base: example

Redesign the base in the example in Section 8.10.7 using gusseted construc-
tion. The parts are not machined for tight contact in bearing, so the welds are
to be designed to transmit the whole of the column load and moment to the
base plate. The arrangement of the base is shown in Figure 8.45(a).
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al Arrangement of Base Figure 8.48 (contd. overleaf)
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Figure 8.45 Gusset base: design example

(1) Gusset plates

The gussets are first checked to ensure that buckling does not occur. Assume
12 mm thick plates:
Design strength p,, =270 N/mm? (Table 6)
(1) Gusset between welds to column flange:
Length=222.3mm=18.52¢ <28¢
(2) Gusset outstand:
This is not to exceed 13e¢=157.4 mm. In Figure 8.45 the outstand is obvi-
ously satisfactory.

The gusset is a semi-compact section. The pressure under the base and the load
on a gusset are shown in Figure 8.45(b). The values have been taken from the
example in Section 8.10.7.

At section XX the shear on one gusset is:

_5.96x 138.85x 180 8.0x138.85x 180
‘ 2x 103 2x10°
=74.48+99.97 =174.45kN
The moment is:
Myx=[(74.48 % 46.28) +(99.97 x 92.57)]10°* = 12.7kNm
The shear capacity:
P,=0.9x%0.6x275x 200 x 12/10° =356.4kN
F,=049 P, <0.6 P,

The moment capacity is not reduced by the effect of shear.
The moment capacity:

270 x 12 % 200°
¢ 6 x 10°

The gusset plates are satisfactory.

=21.6kNm
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Figure 8.46 Base plate welds and load for calculating thickness

(2) Gusset plate to column weld

The welds between the column, gussets and base plate have to transmit all of
the load to the base plate. The welds are shown in Figure 8.46. The column to
gusset and base plate weld is shown in Figure 8.46(d):

Load per weld =(780/2)+(55/0.22) =640kN
Length of weld=608.8 —2 x 8 =592.8

Load per mm =640/592.8 =1.07kN/mm
Use 8 mm fillet weld, strength 1.2 kN/mm.

The welds between one gusset plate and the base must support the maximum
pressure under the base. See Figure 8.45(b) and consider a 1.0 mm wide strip at
the edge of the base plate. Load on one weld:

=8 x 180/(2x 10%) =0.72kN/mm

Provide 6 mm fillet weld, strength 0.9 kN/mm. The weld is shown in Figure
8.46(c).
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(3) Base-plate thickness

Consider a strip of plate 1.0 mm wide at the edge of the plate, as shown in
Figure 8.45(a). This is considered as a beam with over-hanging ends loaded as
shown in Figure 8.46(e). The moments are:

My=0.5x 8 x 69.62 =1.94 x 10* Nmm
M, =(1440x110.4)— (0.5x 8 x 180%) =2.94x10*Nmm

Assume that thickness of plate is greater than 16 mm:
Design strength p, =265 N/mm?

The moment of resistance of the base plate (see Section 4.13.7.3 of the code)
=1.2p,,Z =1.2p,,1%/6

Thickness ¢ =(6 x 2.94 x 10*/1.2 x 265)°-*=23.6 mm
Provide 25 mm thick base plate.

8.10.10 Compression over part of the base and tension in the holding-down bolts
(1) General considerations and terms

The design method adopted is that used for a reinforced concrete section
subjected to axial force and bending moment, assuming a linear distribution
of pressure. Elastic theory with a triangular compressive stress block is adop-
ted using factored loads and design strengths for the concrete in compression
and bolts in tension. The design could also be based on a rectangular stress
block.

A column base is shown in Figure 8.47 with the pressure distribution on the
concrete and the tension in the holding-down bolts. The following terms are
defined:

p. = Dbearing strength of the concrete
p. = tension strength of the bolts
m =modular ratio

_ Young's modulus for steel
Young’s modulus for concrete

W =axial load on the base

M =moment on the base

e =eccentricity of load=M/W

l length of base

b breadth of base

x =depth to the neutral axis

d =distance from the centreline of the bolts in tension to the edge of the
base plate in compression

=lever arm, the distance between the compressive force in the concrete
and the tensile force in the bolts

A, =tensile stress area of the holding-down bolts

2a =distance between centres of bolts in the base plate

C =compressive force in the concrete

T =tensile force in the bolts

f =maximum bearing stress in the concrete

E,_
=51

N
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Figure 8.47 Compression over part of the base and tension in holding-down bolts

A direct design method is given first and this is followed by an exact analysis
for a given base and loads using elastic theory. The analytical method could be
used for checking a base.

(2) Design method

Assume that the maximum design strengths occur simultaneously in the
concrete and bolts. The strain diagram with plane sections remaining plane is
as shown in Figure 8.47(b). From this diagram:

P/ P x
EJ1SE. d—x

Solve this equation to give the depth to the neutral axis:

15p.
=[P )4
x <15pc+p,)




256 Compression members

The lever arm z=d— x/3.
Take moments about the centre line of the bolts in tension:

M,=M+ Wa
The compressive force in the concrete:

C =M,/Z
The maximum compressive stress in the concrete:

f =2C/bx
This must not exceed the bearing strength p..

Alternatively, if the length of base is assumed, the breadth can be deter-
mined so that the concrete bearing strength is not exceeded. The tensile force
in the holding-down bolts is:

T=C—-W
The tensile stress area can then be determined:

A=T/p,

Suitable bolts can be selected from Table 4.2.

Thus an assumed size of base can be checked and the method gives accurate
results if the final stresses in the concrete and steel are close to the design
strengths taken to determine the depth to the neutral axis.

(3) Elastic analysis

- Consider the base loaded as shown in Figure 8.48. The tensile stress in the
bolts:

t1=15(d—x)/x
Then the internal forces in bolts and concrete are:

T =tensile force in the holding-down bolts
= tA|

C =compressive force in the concrete
=1/2 fbx

H’MITT ]

Figure 8.48 Column base: elastic sis

4
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Figure 8.49 Weld: column to base plate

The load on the column:
wW=C-T
The moment on the base:
M=We
=C(1D)~(x/3))+ Ta
=(C—TDe

This gives a cubic equation which can be solved for x. Then fand ¢ can be
found by back substitution. The method can be used to check a base where the
maximum stresses in the steel and concrete are not at the design strengths.

(4) Weld between column and base slab

The weld between the column and base slab is shown in Figure 8.49. The
flange welds are assumed to resist the moment and the web welds the shear.
The weld force required to resist moment:

F=(M- Wg)/c
where ¢ =distance centre to center of flanges
g =one half the depth of the column

Assuming a size of weld, the length required at the tension flange can be found.
If heavy moments have to be resisted, a full-strength weld between the column
and base slab may be needed.

8.10.11 Tension in holding-down bolts: example

Design the slab base for the side column of a single-storey building for the
following conditions at the column base:

Vertical loads

Dead load =38.7kN
Imposed load =37.5kN
Wind load = —1.47kN

Horizontal load=13.75 kN
Moment (wind) = 32.74 kNm
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The column is 406 x 140 UB 39. Use Grade 43 steel, Grade 4.6 bolts and
Grade 20 concrete.

(1) Design of base
Design the base for dead +imposed + wind load:
Design load =1.2(38.7+37.5-1.47) =897 kN

Design moment =1.2 X 32.64 =39.2kNm
Design strength of the concrete =8 N/mm?
Design strength of the bolts (Table 32) =195 N/mm?

The arrangement of the base is shown in Figure 8.50(a). A length of 560 mm
has been selected and the breadth will be calculated to ensure that the bearing
stress on the concrete is satisfactory.

— 3973 A 1618

| B

=8

i
1M

40 40
= —"‘ 200
560

—

89-7kN
20 ! x=1981
| : 39-2kNm
C

2= 4539
-
d= 520

a) Arrangement of Base and Oesign Oata

)

36-6kN
2 t e= 1248 ]
& Y [
- ~ x
R
- ! '
T=tAt l ] \;I\l:[
L d = 520 N
[ hal

b) Design Oata - Analysis for Dead + Wind Load

Figure 8.50 Column base: tension in holding-down bolts
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The depth to the neutral axis:

x=<i&) 520 =198.1 mm
15x8+195
Lever arm z= 520 - (198.1/3) =453.9mm
Take moments about the centre line of the holding-down bolts;
M,=39.2+(89.7 x0.24) = 60.73kNm
The compressive force in the concrete:
C=60.73 x 10%/453.9 =133.8kN

The base width required to limit the concrete stress to 8 N/mm? is:
p=2X133.8x10°

81981 =168.9mm

Adopt a base width of 200 mm. The maximum concrete stress is:

S[=168.9x8/200 =6.77 N/mm?
The tension in the holding-down bolts:

T=133.8—-189.7 =44.1kN
The tensile stress area per bolt for two bolts:

44.1 x 103
= %195 =113.1 mm?

Provide 4 No. 20-mm diameter bolts tensile stress area = 245 mm? per bolt.
The bolt size has been selected for practical reasons. The shear stress in the
bolts is very small.

(2) Analyse base for dead+ wind load

This case will give the maximum tension in the bolts:

Design load =38.7-(1.4x1.47) =36.6kN
Design moment =1.4 x 32.64 =45.7kNm
Eccentricity e =45.7 x 10%/36.6 =1248 mm

The loads and stress distribution are shown in Figure 8.50(b):

W=(0.5/xx 200 — 15fx 490)[(520—x)/x]
=100fx — 3.82 x 10%f/x + 7350f
M=1248W
=12.48 x 10*/x +91.73 x 10°/— 47.67 x 108f/x 4))
=100/x (280 — x/3) + 15/ x 490{(520 — x)/x]240
=2.8x10%x—33.3/x2+9.17 x 108f/x — 17.64 x 10%£ (2)
Equate (1) and (2) and reduce, to give
x*+291x10°x2+3.28x 10%x—1.71 x 108=0
Solving by successive trials gives:

x=188 mm
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The concrete stress f is found by back substitution in the expression for W:
36.6 X 10> = 100 fx x 188 + 7350f— 3.82 x 10%//188

Concrete: f=6.27 N/mm?
Bolts :1=15x6.27(520—188)/188=166.1 N/mm?

(3) Thickness of base plate

The pressure under the edge of the base plate is shown in Figure 8.51(a).
Consider a cantilever strip 1 mm x 81.4 mm:

_3.98x81.4% 6.76x 81.42x2
2x3 2x3

Assume that the base plate thickness is less than 40 mm:

=1.933 x 10* Nmm

Design strength p, =265 N/mm? (Table 6)

6% 1.933 x 104\ Y3
"(W)“““m

Use 20 mm thick plate.
The moment in the base plate due to bolt tension is checked (see Figure
8.51(b)):

Bolt tension = 166.1 x 245/10% =40.7 kN/bolt

The section at the column face resisting the bolt load is considered to subtend
an angle of 120 degrees with the bolt centre. Spreading the load at 120 degrees
would give a width of 143.4mm at the column face. In this case a width of
100 mm resists the bolt tension. Moment per mm width:

M=41.4x41.38x 10%/100=1.71 x 10* Nmm

This is less than the moment from pressure under the base. The thickness is
adequate.

(4) Weld—column to base—Plate

The column and base plate are to be machined for bearing. Design the weld for
the maximum overturning case of dead load plus wind load (see Figure
8.51(c)). The tension in the weld:

_45.7- 36.6x0.19

T =101.96kN
0.38 101.96k
Load in weld per mm:
=101.96/141.8 =0.72kN/mm

A 6mm fillet weld, strength 0.9 kN/mm, will be satisfactory.
The shear load to be resisted is 13.75 kN. This requires only 30 mm of weld
on the web. The weld is shown in the figure.
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Figure 8.51 Base plate and weld design

8.10.12 Pocket bases: design theory

In this type of base the column is grouted into a pocket in the concrete found-
ation, as shown in Figure 8.52(a). The axial load is resisted by direct bearing
and bond between the steel and concrete. The moment is resisted by com-
pression forces in the concrete acting on the flanges of the column. The forces
act on both faces of the flanges of a universal beam. The action in resisting
moment is shown in Figure 8.52(b).

To be consistent with the design of the bases above, elastic theory is used for
the design of the pocket base. The design strength of the concrete in com-
pression from Section 3.4.4.1 of BS8110: Part 1 is given as:

0.67 feuo/¥m=0.67f../1.5=0.447 Jeu
where /., = characteristic cube strength at 28 days. Other terms are defined:

Py =design strength of the steel
Z, =elastic modulus of the steel section
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Figure 8.52 Pocket base design
d =depth of embedment of the steel column
b =breadth of flange of the column.

The depth to embed the column to develop its strength can be determined as
follows. The compressive force in the concrete:

C =(0.447 f..,/2) x (d/2)xb=0.112 f..bd

The moment of resistance of the concrete:

M =2xCx2df3 =0.149 f_ ,bd?
=moment of resistance of the steel section
=pyZx

The depth of embedment:

d _ py ZX 0.5
0.149 f.,b
8.10.13 Pocket base example

Determine the depth that a 305 x 127 UB 48 must be embedded to develop its
strength. The section dimensions are shown in Figure 8.52(c). The steel is
Grade 43 and the concrete Grade 25.
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The elastic modulus Zy =612.4cm?
The design strength p, =275N/mm? (Table 6)

275%x612.4x 103
0.149 x 25 % 125.2

If a rectangular stress block in accordance with BS 8110 is used, dis 578 mm.

0.5
) =600.9 mm

Problems

8.1 A Grade 43 steel column having 6.0 m effective length for both axes is to
carry pure axial loads from the floor above. If a 254 x 254 UB 89 is
available, check the ultimate load that can be imposed on the column. The
self weight of the column may be neglected.

8.2 A column has an effective length of 5.0m and is required to carry an
ultimate axial load of 250 kN, including allowance for self weight. Design
the column using the following sections:

(1) Universal column section;
(2) Circular hollow section;
(3) Rectangular hollow section.

8.3 A column carrying a floor load is shown in Figure 8.53. The column can
be considered as pinned at the top and the base. Near the mid-height it is
propped by a strut about the minor axis. The column section provided is an
457 x 152 UB 60 of Grade 43 steel. Neglecting its self weight, what is the
maximum ultimate load the column can carry from the floor above?

8.4 A universal beam, 305 x 165 UB 54, is cased in accordance with the provi-
sions of Clause 4.14.1 of BS 5950. The effective length of the column is
6.0 m. Check that the section can carry an axial load of 720 kN.

8.5 A Grade43steel 457 % 152 UB 60 used as a column is subjected to uniaxial
bending about its major axis. The design data are as follows:

Ultimate axial compression =1000kN
Ultimate moment at top of column = +200kNm
Ultimate moment at bottom of column= — 100 kNm
Effective length of column =7.0m
Floor
T T ;
§ \pin /Props
I |
+— I H
props H
a
m pinned
|, bos Section A-A

Figure 8.53
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Determine the adequacy of the steel section.

8.6 A column between floors of a multi-story building frame is subjected to
biaxial bending at the top and bottom. The column member consists of a
Grade 43 steel 305x 305 UC 158 section. Investigate its adequacy if the
design load data are as follows:

Ultimate axial compression =2300kN

Ultimate moments,

Top—about major axis =300kNm
—about minor axis = S0kNm
Bottom—about major axis =150kNm
—about minor axis = —80kNm
Effective length of column =6.0m

8.7 A steeltower supports a water tank of size 3m % 3m % 3 m. The self weight
of the tank is 50 kN when empty. The arrangement of the structure is shown
in Figure 8.54. Other design data are given below:

Unit weight of water =9.81 kN/m?
Design wind pressure = 1.0 kN-m?

Use Grade 43 steel angles for all members. Design the steel tower structure
and prepare the steel drawings.

Water tank
[
=
'"J Steel angles
e —_—
: ro 7
" E
(=]

4 M
e L 4 1
<
w 9 3 0m
B N &

Typical section

b. pinned ot

base
Figure 8.54



9
Trusses and bracing

9.1 Trusses—types, uses and truss members

9.1.1 Types and uses of trusses

Trusses and lattice girders are framed elements resisting in-plane loading by
axial forces in either tension or compression in the individual members. They
are beam elements but their use gives a large weight saving when compared
with a universal beam designed for the same conditions.

lll Wind_ \\//4
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a) Typical Trusses and Lattice Girders
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b) Truss Members
Figure 9.1 Roof trusses and lattice girders

265
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The main uses for trusses and lattice girders in buildings are to support
roofs and floors and carry wind loads. Pitched trusses are used for roofs while
parallel chord lattice girders carry flat roofs or floors.

Some typical trusses and lattice girders are shown in Figure 9.1(a). Trusses
in buildings are used for spans of about 10-50 m. The spacing is usually about
5-8 m. The panel length may be made to suit the sheeting or decking used and
the purlin spacing adopted. Purlins need not be located at the nodes but this
introduces bending into the chord. The panel spacing is usually 1.54m.

9.1.2 Truss members

Truss and lattice girder members are shown in Figure 9.1(b). The most com-
mon members used are single and double angles, tees, channels and the struc-
tural hollow sections. I and H and compound and built-up members are used
in heavy trusses.

9.2 Loads on trusses

The main types of loads on trusses are dead, imposed and wind loads. These
are shown in Figure 9.1(a).

9.2.1 Dead loads

The dead load is due to sheeting or decking, insulation, felt, ceiling if provided,
weight of purlins and self weight. This load may range from 0.3 to 1.0 kN/m?2,
Typical values are used in the worked examples here.

9.2.2 Imposed loads

The imposed load on roofs is taken from BS 6399: Part 1, Section 6. This
loading may be summarized as follows:

(1) Where there is only access to the roof for maintenance and repair—
0.75kN/m?;
(2) Where there is access in addition to that in (1)—1.5kN/m?.

9.2.3 Wind loads

Wind loads are estimated from CP3: Chapter V: Part 2. The wind load de-
pends on the building dimensions and roof slope, among other factors. The
wind blowing over the roof causes a suction or pressure on the windward slope
and a suction on the leeward one (see Figure 9.1(a)). The loads act normal to
the roof surface.

Wind loads are important in the design of light roofs where the suction can
cause reversal of load in truss members. For example, a light angle member is
satisfactory when used as a tie but buckles readily when required to act as a
strut. In the case of flat roofs with heavy decking the wind uplift will not be
greater than the dead load, and it need not be considered in the design.
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9.2.4 Application of loads

The loading is applied to the truss through the purlins. The value depends on
the roof area supported by the purlin. The purlin load may be at a node point,
as shown in Figure 9.1(a), or between nodes, as discussed in Section 9.3.3
below. The weight of the truss is included in the purlin point loads.

9.3 Analysis of trusses

9.3.1 Statically determinate trusses

Trusses may be simply supported or continuous, statically determinate or
redundant, pin jointed or rigid jointed. However, the most commonly used
truss or lattice girder is single span, simply supported and statically deter-
minate. The joints are assumed to be pinned, though, as will be seen in actual
construction, continuous members are used for the chords. This assumption
for truss analysis is stated in Section 4.10 of BS 5950: Part 1.
A pin-jointed truss is statically determinate when:
m=2j-3
where m = number of members
Jj=number of joints.

9.3.2 Load applied at the nodes of the truss

When the purlins are located at the node points the following manual methods
of analysis are used:?°

(1) Force diagram. This is the quickest method for pitched roof trusses.

(2) Joint resolution. This the best method for a parallel chord lattice girder.

(3) Method of sections. This method is useful where it is necessary to find the
force in only a few members.

The force diagram method is used for the analysis of the truss in Section 9.6.
An example of use of the method of sections would be for a light lattice girder
where only the force in the maximum loaded member would be found. The
member is designed for this force and made uniform throughout.

A matrix analysis program can be used for truss analysis. In Chapter 10 the
roof truss for an industrial building is analysed using a computer program.

9.3.3 Loads not applied at the nodes of the truss

The case where the purlins are not located at the nodes of the truss is shown in
Figure 9.2(a). In this case the analysis is made in two parts:

(1) The total load is distributed to the nodes as shown in Figure 9.2(b). The
truss is analysed to give the axial loads in the members.

(2) The top chord is now analysed as a continuous beam loaded with the
normal component of the purlin loads as shown in Figure 9.2(c). The
continuous beam is taken as fixed at the ridge and simply supported at the
caves. The beam supports are the internal truss members. The beam is

analysed by moment distribution. The top chord is then designed for axial
load and moment.
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Figure 9.2 Loads applies between nodes of truss

9.3.4 Eccentricity at connections

BS 5950: Part 1 states in Section 6.1.2 that members meeting at a joint should
be arranged so that their centroidal axes meet at a point. For bolted connec-
tions the bolt gauge lines can be used in place of the centroidal axes. If the joint
is constructed with eccentricity then the members and fasteners must be de-
signed to resist the moment that arises. The moment at the joint is divided
between the members in proportion to their stiffness.

9.3.5 Rigid-jointed trusses

Moments arising from rigid joints are important in trusses with short, thick
members. BS 5950: Part 1 states in Section 4.10 that secondary stresses from
these moments will not be significant if the slenderness of chord members in
the plane of the truss is greater than 50 and that of most web members is
greater than 100. Rigid jointed trusses may be analysed using a matrix stiffness
analysis program,

9.3.6 Deflection of trusses

The deflection of a pin-jointed truss can be calculated using the strain energy
method. The deflection at a given node is:'¢

0=ZPuL/AE
P=force in a truss member due to the applied loads
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u =force in a truss member due to unit load applied at the node and in
the direction of the required deflection.

L=length of a truss member

A =area of a truss member

E=Young’s modulus

A computer analysis gives the deflection as part of the output.

9.3.7 Redundant and cross-braced trusses

A cross-braced wind girder is shown in Figure 9.3. To analyse this as a redund-
ant truss it would be necessary to use the computer analysis program.

IR AR RN

a) Cross Braced Redundant Truss

b) Analysis with Tension Diagonals

Figure 9.3 Cross-braced lattice girder

However, it is usual to neglect the compression diagonals and assume that the
panel shear is taken by the tension diagonals, as shown in Figure 9.3(b). This
idealization is used in design of cross bracing (see Section 9.7).

9.4 Design of truss members
9.4.1 Design conditions

The member loads from the separate load cases—dead, imposed and wind—
must be combined and factored to give the critical conditions for design.
Critical conditions often arise through reversal of load due to wind, as discus-
sed below. Moments must be taken into account if loads are applied between
the truss nodes.

9.4.2 Struts
(1) Maximum slenderness ratios

Maximum slenderness ratios are given in Section 4.7.3.3 of BS 5950: Part 1.
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For lightly loaded members these limits often control the size of members. The
maximum ratios are:

(1) Members resisting other than wind load—180

(2) Members resisting self weight and wind load—250

(3) Members normally acting as ties but subject to reversal of stress due to
wind—350

The code also states that the deflection due to self weight should be checked
for members whose slenderness exceeds 180. If the deflection exceeds
length/1000, the effect of bending should be taken into account in design.

(2) Limiting proportions of angle struts

To prevent local buckling, limiting width/thickness ratios for single angles and
double angles with components separated are given in Table 7 of BS 5950: Part
1. These are shown in Figure 9.4.

b
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Limiting  Proportions
Section
b/t and d/t < (b+d)/t £
Plastic 8Se -
Compact 9Se -
Semi - compact 15 0¢ 3¢
€ = (2757p) "

Figure 9.4 Limiting proportions for single- and double-angle struts

(3) Effective lengths for compression chords

The compression chord of a truss or lattice girder is usually a continuous
member over a number of panels or, in many cases, its entire length. The chord
is supported in its plane by the internal truss members and by purlins at right
angles to the plane as shown in Figure 9.5.

The code defines the length of chord members in Section 4.10 as:

(1) In the plane of the truss—panel length L,.
(2) Out of the plane of the truss—purlin spacing L,

The rules from Section 4.7.2 of the code can then be used to determine the
effective lengths. The slenderness ratios for single and double angle chords are
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Figure 9.5 Slenderness ratios for truss members

shown in Figure 9.5. Note that truss joints reduce the in-plane value of effect-
ive length.

(4) Effective lengths of discontinuous internal truss members

Discontinuous internal truss members, a single angle or double angle connec-
ted to a gusset at each end, are shown in Figure 9.5. The effective lengths for
the cases where the connections contain at least two fasteners or the equivalent
in welding are given in Section 4.7.10 and Table 28 of the code. The slender-
ness ratios are shown in the figure. The length L, is the distance between truss
nodes. The effective lengths for other sections are given in the code.

(5) Design procedure

The code states in Section 4.7.10.1 that the end eccentricity for discontinuous
struts may be ignored and the design made for an axially loaded member.
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For single angles or double angles with members separated, the com-
pression resistance for plastic, compact or semi-compact sections is given by:
P.=Ap,
Ay = gross area
From Table 25 in the code, the strut curve (Table 27(c)) is selected to obtain the

compressive strength p..
If the section is slender, the design strength is reduced by the lesser of:

1 19
@re)—4 " b+ d)jte)—4

See Table 8 and Figure 3 in BS 5950: Part 1 and Figure 9.4 here.

9.4.2 Ties

The effective area is used in the design of discontinuous angle ties. This was set
out in Section 7.4 above. Tension chords are continuous throughout all or the
greater part of their length. Checks will be required at end connections and
splices.

9.4.3 Members subject to reversal of load

In light roofs the uplift from wind can be greater than the dead load. This
causes a reversal of load in all members. The bottom chord is the most seri-
ously affected member and must be supported laterally by a lower chord
bracing system, as shown in Figure 1.2. It must be checked for tension due to
dead and imposed loads and compression due to wind load.

9.4.4 Chords subjected to axial load and moment

Angle top chords of trusses may be subjected to axial load and moment, as
. discussed in Section 9.3.3 above. The buckling capacity for axial load is cal-
culated in accordance with Section 9.4.2 (3) above.
The buckling resistance moment for a single angle is given in Section 4.3.8
of BS 5950: Part 1. This depends on the slenderness about the weakest axis, for
example:

M,=0.8 p,Z when Ljr, <100

where Z =elastic modulus about the appropriate axis
r, =radius of gyration about the weakest axis
L =unrestrained length

The same expression may be used for a double angle chord as shown in Figure
9.5 using the maximum of L,/r, and L,/r,. The design check is elastic, so the
value of Z to be used depends on where the check is made. For example, for the
hogging moment at a node, the minimum value of Z, is used. It is conservative
not to take moment gradient into account, i.e. m=n=1.
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The interaction expression for the overall buckling check is:
Fi(Agp) + MM, <1
where F =axial load

A, =gross area of chord

P. =compressive strength

M =applied moment

M, = buckling resistance moment

9.5 Truss connections
9.5.1 Types

The following types of connections are used in trusses:

(1) Column cap and end connections;
(2) Internal joints in welded construction;
(3) Bolted site joints—internal and external.

The internal joints may be made using a gusset plate or the members may be
welded directly together. Some typical connections using gussets are shown in
Figure 9.6. In these joints all welding is carried out in the fabrication shop. The
site joints are bolted.

i S—
T
1 ]
L
a) End Connections - A
N -
S Site  boits
i \L & LI 5
e —— b SUN. Ari
M}
¢) Site Splice- C
b) Internal Connection - B8 —_
o]
A 8
8
C
A . .
C Site splice N Site splice

Figure 9.6 (contd. overleaf)
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Site bolts

d ) Ridge Joint - D

Figure 9.6 Truss and lattice girder connections

9.5.2 Joint design

Joint design consists of designing the bolts, welds and gusset plate.

(1) Bolted joints

The load in the member is assumed to be divided equally between the bolts.
The bolts are designed for direct shear and the eccentricity between the bolt
gauge line and the centroidal axis is neglected (see Figure 9.7(a)). The bolts
and gusset plate are checked for bearing.

(2) Welded joints

In Figure 9.7(a) the weld groups can be balanced as shown. That is, the
centroid of the weld group is arranged to coincide with the centroidal axis of
the angle in the plane of the gusset. The weld is designed for direct shear.

If the angle is welded all round, the weld is loaded eccentrically, as shown in
Figure 9.7(b). However, the eccentricity is generally not considered in
practical design because much more weld is provided than is needed to carry
the load.

(3) Gusset plate

The gusset plate transfers loads between members. The thickness is usually

;.

a) Shop Welded - Site Bolted Joint
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Figure 9.7 Truss connections and gusset plate design

selected from experience but it should be at least equal to that of the members
to be connected.

The actual stress conditions in the gusset are complex. The direct stress in
the plate can be checked at the end of the member assuming that the load is
dispersed at 30 degrees as shown in Figure 9.7(c). The direct load on the width
of dispersal b should not exceed the design strength of the gusset plate. In
joints where members are close together it may not be possible to disperse the
load. In this case a width of gusset equal to the member width is taken for the
check.

9.6 Design of a roof truss for an industrial building

9.6.1 Specification

A section through an industrial building is shown in Figure 9.8(a). The frames
are at 5-m centres and the length of the building is 45 m. The purlin spacing on
the roof is shown in Figure 9.8(b). The loading on the roof is as follows:

(1) Dead load—measured on the slope length

Sheeting and insulation board =0.25kN/m?
Purlins =0.1 kN/m?
Truss =0.1 kN/m?
Total dead load =0.45kN/m?
(2) Imposed load—measured on plan =0.75kN/m?
measured on slope=0.75 x 10/10.77 =0.7 kN/m?

(3) Wind load
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This s calculated using CP3: Chapter V: Part 2. The detivation of the wind
loading is set out below.

Design the roof truss using angle members and gusseted joints. The truss is to
be fabricated in two parts for transport to site. Bolted site joints are to be
provided at A, B and C as shown in the figure.

bm

20 m

1 .

a) Section through Building

A C

b) Arrangement of Purlins

Figure 9.8 A pitched-roof truss

9.6.2 Truss loads
(1) Dead and imposed loads

Because of symmetry only one half of the truss is considered.

Dead loads:

End panel point=1/8x0.45%x 10.77x5 =3.03kN
Internal panel points=2 x 3.03 =6.06 kN
Imposed loads:

End panel point=3.03 x 0.7/0.45 =4.71kN
Internal panel points=2 x 4.71 =9042kN

The dead loads are shown in Figure 9.10.
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(2) Wind loads

Location—north-east England
Basic wind speed =45m/s
Topography factor §=10

The building is sited on the outskirts of a city with obstructions up to 10m
high

Ground roughness—category =3
Building size class =B
Height to the top of the truss H=10m
Factor from Table 3 5,=0.74
Statistical factor S3=1.0
Design wind speed V,=0.74 x 45 =33.3m/s

Dynamic pressure ¢=0.613 x 33.32/10° =0.68 kN/m?

The external pressure coefficients C,. from Table 8 of the wind code are shown
in Figure 9.9(a). The internal pressure coefficients C,; are taken from Appen-
dix E in the code. The values used are where there is only a-negligible proba-
bility of a dominant opening occurring during a severe storm. C,: is taken as
the more onerous of the values +0.2 or —0.3.

Roof angte . .
el 29° Wind :Angle wind Angle

0 90°
F | H £ EF GH EG FH
Yy H"

w=20m -032 | -04 -0-7 | -0-6

Plan Section

a} External Pressure Coefficients

-0-32 -04 - 07 - 07

b} Roof Presswre Coefficients

t) Roof Wind Loads

Figure 9.9 Wind loads on the roof truss



278  Trusses and bracing

For the design of the roof truss the condition of maximum uplift is the only
one that need be investigated. A truss is selected from Section FH of the roof
shown in Figure 9.9(a), where C,. is a maximum and C,iis taken as +0.2, the
case of internal pressure. The wind load normal to the roof is:

0.68 (Cpe = Cpi)

The wind loads on the roof are shown in Figure 9.9(c) for the two cases of wind
transverse and longitudinal to the building.

The wind loads at the panel points normal to the top chord for the case of
wind longitudinal to the building are:

End panel points=1/8 x 0.612x10.77x5 =4.12kN
Internal panel points =8.24kN

The wind loads are shown in Figure 9.11

9.6.3 Truss analysis
(1) Primary forces in truss members

Because of symmetry of loading in each case only one half of the truss is
considered. The truss is analysed by the force diagram method and the anal-
yses are shown in Figure 9.10 and 9.11. Note that members 4-5 and 5-6 must

Tension ——a— tye

Compression -—+—+— -ve

Figure 9.10 Dead-load analysis
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4-12kN  &-12kN

8-26kN
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4 S
7.8
Figure 9.11 Wind-load analysis
Table 9.1 Forces in members of roof truss (kN)
Dead Imposed Wind
Member load load load
C-1 -57.1 —88.8 72.1
D-2 Top chord —54.9 —854 72.1
E-S -52.6 -81.8 749
F-6 -50.3 —-78.2 74.9
A-1 53.0 824 -66.9
A-3 Bottom chord 45.5 -70.8 —559
A-7 30.3 47.1 —-32.1
1-2 - 56 - 87 -8.2
34 Struts -11.3 —-17.6 17.6
56 - 56 - 87 8.2
2-3 7.6 11.8 —111
4-5 7.6 11.8 —-14.1
4-7 Ties 15.2 23.6 -23.7
67 22.7 353 —348
7-8 0.0 0.0 0.0
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be replaced by the fictitious member 6-X to locate point 6 on the force dia-
gram. Then point 6 is used to find points 4 and 5.

The dead load case is analysed and the forces due to the imposed loads are
found by proportion. The case for maximum wind uplift is analysed. The
forces in the members of the truss are tabulated for dead, imposed and wind
load in Table 9.1.

(2) Moments in the top chord

The top chord is analysed as a continuous beam for moments caused by the
normal component of the purlin load from dead load:

Purlin load =178x5x035 =3.12kN
Normal component =3.12 x10/10.77 =2.89kN
End purlin L =2.89x0.98/1.78 =1.59kN
The top chord loading is shown in Figure 9.12(a). The fixed end moments are:
Span AB
MA = =0
Mg, =2.89x1.78(2.69%—1.78%)/2 x 2.692 =1.44kNm
Span BC

Myc  =2.89((0.87 x 1.82%) +(2.65 x 0.04%)]/2.69% =1.15kNm
Mc  =2.89{(1.82 x 0.87%)+(0.04 x 2.652)]/2.69? =0.66 kNm

Span CD
Mo  =2.89x1.74%0.952/2.69% =0.63kNm
Mpe =2.89x0.95x1.74%/2.692 =1.15kNm
Span DE
Mpe =2.89x0.82x1.87%/2.692

+1.59 x 2.6 x 0.092/2.692 =1.15kNm
Mgp  =2.89x1.87x0.82%/2.692

+1.59 % 2.6 x 0.092/2.692 =0.51 kNm

The distribution factors are:

Joint B BA: BC=0.75:1 =0.43: 0.57
Joints Cand D =0.5:0.5

6 at 1.78 = 10.68 m

1.45kN 2.89kN 2.89kN 2,89kN 2.89KkN 2.89kN 1.59kN

I B | P

! ! ! E
1.78 |o0.91}0.87] 1.78 |t 1.74 | o.9sto.82] 1.78 ‘;
- - - - - 0.09' [~

|
;L? 2.69 | 2.69 | 2.69 _J:: 2.69 _11

e ——

a) Top Chord Dead Loads
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The moment distribution is shown in Figure 9.12(b) and the reactions and
internal moments for the separate spans are shown in Figure 9.13(a). The
bending-moment diagram for the complete top chord is shown in Figure
9.13(b) and the axial loads from the force diagram in Figure 9.13(c).

9.6.4 Design of truss members

Part of the member design depends on the joint arrangement. The joint detail
and design are included with the member design. Full calculations for joint
design are not given in all cases.

(1) Top chord
The top chord is to be a continuous member with a site joint at the ridge.

Member C-1 at eaves
The maximum design conditions are at B (Figure 9.13)

Dead + imposed load

Compression F= —(1.4x 57.1)— (1.6 x 88.8) = —222.0kN
Moment My = -—(1.4x1.32)—(1.6x1.32%0.7/0.35) = —6.07kNm
Dead + wind load

Tension F =-57.1+(1.4%x72.1) =43 8kN

Try 2 No. 100 x 65 x 10 angles with 10 mm thick gusset plate. The gross sec-
tion is shown in Figure 9.14(a). The properties are:

A =31.2cm*; r,=3.14cm, ry,=2.79cm

Zx=46.4cm?® (minimum)

Design strength p, =275 N/mm? (Table 6)
Check the section classification using Table 7.

dlt =100/10 =10 <15
(b+d)/tx165/10 =16.5 <23
The section is semi-compact.

The slenderness is the maximum of:
Lg/r, =0.7x2690/31.4 =60.0

Lg/r, =1780/27.9 =63.8
Compressive strength p.  =193.4 N/mm? (Table 27(c))
The buckling resistance moment for a single angle is given in Section 4.3.8 of

the code. The two angles act together and the slenderness is less than 100.
Thus:

M,=0.8x275x46.4/10*=10.21 kNm
Interaction expression for overall buckling:
222.02x 10 + 6.07
31.2x 1934 10.21
Provide 2 No. 100 x 65 x 10 angles.
The member will be satisfactory for the case of dead plus wind load.

=0.96 <1.0
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d) Eaves Joint

Figure 9.14 Top-chord design details

Member F-6 at ridge

The ridge joint is shown in Figure 9. 14(c). A bolted site joint is provided in the
chord on one side. The design conditions are:

Compression F = (1.4 50.3)+ (1.6 x 78.2) =195.54kN
Moment  Mg=—(1.4x0.57)— (1.6 x 0.57 x 0.07/0.35) = 2.62 kNm

The net section is shown in Figure 9.14(b):

Netarea=26.8cm? Z, =40.69cm® (minimum)
My=0.8x275%x40.69/10® = 8.95cm?
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Interaction expression for local capacity is:

195.54 x 10 +2.62
275%x 268 8.95

The section is satisfactory.

=0.56 <1.0

Eaves joint (see Figure 9.14(d)

The member is connected to both sides of the gusset so the gross section is
effective in resisting load (see Section 4.6.3.3 of the code).

Compression F=222.02kN
Length of 6 mm fillet, strength 0.9 kN/mm, required:
=222.02/0.9 =246.6 mm

This may be balanced around the merber as shown in the figure. More weld
has been provided than needed.

The bearing capacity of the gusset is checked at the end of the memberon a
width of 100 mm. No dispersal of the load is considered because of the com-
pact arrangement of the joint:

Bearing capacity = 275 x 100 x 10/10°
=275kN

The gusset is satisfactory.

Ridge joint (see Figure 9.14(c))

Try three No. 20-mm diameter Grade 4.6 bolts at the centres shown on the
figure. From Table 4.2 in the code, the double shear value is 76.2 kN. The bolts
resist:

Direct shear =195.54kN

Moment = 2.62kN

Direct shear per bolt =195.54/3 =65.18kN
Shear due to moment=2.62/0.15 =17.47kN
Resultant shear =(65.182+17.47%)%* =674kN

The bolts are satisfactory.
The shop-welded joint must be designed for moment and shear. The weld is
shown in the figure. The gusset will be satisfactory.

(2) Bottom chord

The bottom chord is to have two site joints at P and R, as shown in Figure
9.15.

MemberA-1
The design conditions are:

Dead + imposed load

Tension F=(1.4%53)+(1.6x82.4) =206.04kN
Dead + wind load

Compression F=53—-(1.4%x66.9) = —40.66 kN
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Try two No. 80 x 60 x 7 angles. The section is shown in Figure 9.15(b). The
properties are:
A=18.76cm?; r,=2.51cm; r,=2.34cm.

The section is semi-compact.

When the bottom chord is in compression due to uplift from wind, lateral
supports will be provided at P, Q and R by the lower chord bracing shown in
Figure 9.15(a). The effective length for buckling about the YY axis is
5800 mm:

Lg/ry =5800/23.4 =248

p. =28.4N/mm? (Table 27(c))
P, =18.76 x 28.4/10=53.2kN

Atend 4 the angles are connected to both sides of the gusset:
P,=275x18.76/10 =5159kN

Provide 2 No. 80 x 60 x 7 angles. The wind load controls the design.
The connection to the gusset is shown in Figure 9.14(d). The length of 6 mm
weld required:

=206.04/0.9=228.9mm

The weld is placed as shown in the figure. The gusset is satisfactory.

Member A-7

Dead + imposed load

Tension F =(1.4x30.3)+(1.6x47.1)=117.8kN
Dead + wind load

Compression =30.3—(1.4x32.1) = —14.64kN

Member A-7 is connected to the gusset by 2 No. 20-mm diameter bolts in
double shear as shown in Figure 9.15(d):

Net area =18.76~2x22x 7/10>=15.68 cm?
P, =15.68x275/10 =431.2kN

T

58m 4-2m ~4
T Site joint
20m
A ) Q R B
1 & T ___1

o) Lower Chord Bracing

Figure 9.15 (contd. overleaf)
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Figure 9.15 Bottom-chord design details

The member will also be satisfactory when acting in compression due to wind.
The shear capacity of the joint:

=2x76.2=1524kN > 117.8kN

(3) Internal members
Members 4-7, 6-7
Design for the maximum load in members 6-7:

Dead + imposed load

Tension F =(1.4%x22.7)+(1.6x353)= 88.26kN
Dead + wind load
Compression load =22.7—(1.4 % 34.8) = —26.02kN

Try 70 x 70 x 10 angle. The member lengths and section are shown in
Figure 9.16. The propertics arc:

A=131cm’ r, =209 cm; r, = 1.36 cm.
The slenderness values are calculated below (see Figure 9.5).

Members 6-7 buckling about the VV axis:
A =0.85 x 2900/13.6 = 181.2 but = 0.7 x 2900/13.6 + 15 = 164.3

A = 2900/20.9 = 138.8 but = 0.7 x 290(/20.9 + 30 = 127.1
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Figure 9.16 Design for members 4-7, 6-7 and 34

Members 6-7 and 4-7 buckling laterally:

A = 5800/20.9 = 277.5 but = 0.7 x 5800/20.9 + 30 = 224.2
Compressive strength for A = 277.5:
pe =23.2 N/mm? (Table 27(c))
Compression resistance:
¢ = 23.2 x 13.1/10 = 30.4 kN
This is satisfactory.

The end of member 6-7 is connected at the ridge by bolts, as shown
in Figure 9.14(c). The net section is shown in Figure 9.16(c¢):

Net area of connected leg = 10(65 — 22) = 430 mm?

Area of unconnected leg = 10 x 65 = 650 mm?’

3 x 430 .

Net area = 430 + 650 = 862.2 mm-
(3 x 430) + 650

Tension capacity P, = 275 % 862.2/10°= 237.1 kN

This is satisfactory.

Joints for Members 4-7, 6-7
Use 20-mm bolts in clearance holes.

Single shear value =38.1kN (Table 4.2)
Number of bolts required = 88.26/38.1 =2.31. Use three bolts.
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The bolts are shown in Figure 9. 14(c) and the welded connection is also shown
on the figure. The connection to the site joint at P is shown in Figure 9.15(d).

Members 3—+4
The design loads are:

Dead + imposed load
Compression F= —(1.4x 11.3)— (1.6 x17.6)= —43.98 kN

Dead + wind load
Tension F =—-11.3+(1.4x17.6) =13.34kN

Try 70 xX70 x 8 angle. The properties are:
A =10.6cm* r, = 2.11 cm; r, = 1.36 cm
See Figure 9.16.
A = 0.85 X 2154/13.6 = 134.6 but = 0.7 x 2154/13.6 + 15 = 125.9
= 2154/21.1 = 102.1 but = 0.7 x 2154/21.1 + 30 = 101.5
P. =81.4N/mm?

P.=81.4x10.6/10 =86.2kN

A smaller angle could be used but this section will be adopted for uniformity.

Other internal members

All other members are to be 50 x 50 x 6 angles. The design for these members
is not given.

(4) Truss arrangement

A drawing of the truss is shown in Figure 9.17 and details for the main joints
are shown in Figures 9.14 and 9.15.

9.7 Bracing

9.7.1 General considerations

Bracing is required to resist horizontal loading in buildings designed to the
simple design method. The bracing also generally stabilizes the building and
ensures that the framing is square. It consists of the diagonal members be-
tween columns and trusses and is usually placed in the end bays. The bracing
carries the load by forming lattice girders with the building members.

9.7.2 Bracing for single-storey industrial buildings

The bracing for a single-storey building is shown in Figure 9.18(a). The in-
ternal frames resist the transverse wind load by bending in the cantilever
columns. However, the gable frame can be braced to resist this load, as shown.
The wind blowing longitudinally causes pressure and suction forces on the
windward and leeward gables and wind drag on the roof and walls. These
forces are resisted by the roof and wall bracing shown.

If the building contains a crane an additional load due to the longitudinal
crane surge has to be taken on the wall bracing. A bracing system for this case
is shown in Figure 9.18(b).
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Figure 9.18 Bracing for single-storey building

9.7.3 Bracing for a multi-storey building

The bracing for a multi-storey building is shown in Figure 9.19. Vertical brac-
ing is required on all elevations to stabilize the building. The wind loads are
applied at floor level. The floor slabs transmit loads on the internal columns to
the vertical lattice girders in the end bays. If the building frame and cladding
are erected before the floors are constructed, floor bracing must be provided,
as shown in Figure 9.19(c). Floor bracing is also required if precast slabs not
effectively tied together are used.

9.7.4 Design of bracing members

The bracing can be single diagonal members or cross members. The loading is
generally due to wind or crane surge and is reversible. Single bracing members
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must be designed to carry loads in tension and compression. With cross-
bracing, only the members in tension are assumed to be effective and those in
compression are ignored.

The bracing members are the diagonal web members of the lattice girder
formed with the main building members, the column, building truss chords,
purlins, eaves and ridge members, floor beams and roof joists. The forces in
the bracing members are found by analysing the lattice girder. The members
are designed as ties or struts, as set out in Section 9.4 above. Bracing members
are often very lightly loaded and minimum-size sections are chosen for prac-
tical reasons.

9.7.5 Example: bracing for a single-storey building

The gable frame and bracing in the end bay of a single-storey industrial build-
ing are shown in Figure 9.20. The end bay at the other end of the building is
also braced. The length of the building is 50m and the truss and column
frames are at 5m centres. Other building dimensions are shown in the figure.
Design the roof and wall bracing to resist the longitudinal wind loading using
Grade 43 steel.

(1) Wind load (refer to CP3: Chapter V: Part 2)
Basic wind speed =45m/s
Topography factor §,=1.0
Ground roughness—category 3
Building size—Class B
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Figure 9.20 Gable frame and bracing in end bay

Height to ridge H=10m

Factor S,=0.74 (Table 3)

Statistical factor S;=1.0

Design wind speed V,=45%0.74=33.3m/s
Dynamic pressure ¢=0.613 x 33.3%/103=0.68 kN/m?

The pressure coefficients on the end walls from Table 7 in the code are set out
in Figure 9.21(a). The overall pressure coefficient is 0.8. This is not affected by
the internal pressure:

Wind pressure =0.8 x 0.68 =0.544 kN/m?

Wind Cpe for Surfoce
Angle
ut C D
}\ £ 0 - 08 -06
o -
A g " 90 « 07 - 01
|
D
wz=20m
a) External Pressure Coefficients ~ End Walls
L d = 50m N
E
0

Wwind
———

g
: Qj

b) Dimensions for Caleculating Frictional Orag

Figure 9.21 Data for calculating wind loads
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The method for calculating the frictional drag is given in Clause 7.4 of the
code:

Cladding—corrugated plastic coated steel sheet.

Factor C;'=0.02 for surfaces with corrugations across the wind direction.
Refer to Figure 9.21(b).

dih=50/6 =8.33>4

d/b=50/20 =25 <4

The ratio d/h is greater than 4, so the drag must be evaluated.
For h < b, the frictional drag is given by:
F' roof = C;' gbd(d — 4h)
=0.02x0.68 x 20(50—24) =7.1kN
F' walls=C{'q 2h(d— 4h)
=0.02 x0.68 x 12(50—24) =4.24kN
The total load is the sum of the wind load on the gable ends and the frictional

drag. The load is divided equally between the bracing at each end of the
building.

(2) Loads on bracing (see Figure 9.20)
Point £
Load from the wind on the end gable column EF

=9.5x5%x0.5%0.544 =12.92kN
Reaction at E, top of the column = 6.46kN
Load at E from wind drag on the roof
=0.5x7.1x0.25 = 0.9 kN
Total load at E = 7.36kN
Point C
Load from the wind on the end gable column CD
=8x5x0.5x0.544 =10.88kN
Reaction at C, top of the column = 5.44kN
Load C from wind drag on the roof = 0.9kN
Total load at C = 6.34kN
Point A
Load from the wind on building column AB
=2.5%x6.5%0.5x0.544 = 4.42kN
Reaction at A, top of the column = 2.21kN
Load at A from wind drag on roof and wall
=(0.125x7.1 x0.5)+(0.5%x4.24 x0.25) = 0.97kN
Total load at A = 3.18kN

(3) Roof bracing

The loading on the lattice girder formed by the bracing and roof members and
the forces in the bracing members are shown in Figure 9.22(a). Note that the
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Figure 9.22 Bracing trusses and member forces

members of the cross bracing in compression have not been shown. Forces are
transmitted through the purlins in this case. The maximum loaded member is
AH:

Design load=1.4 x 14.17 =20.62kN
Try 50 x 50 x 6 angle with 2 No. 16-mm diameter Grade 4.6 bolts in the end
connections.
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L]

Bolt capacity =2 x 25.1 = 50.2 kN (Table 4.2).
Referring to Figure 9.22(a):

Ix174
3x 174 %282

Tension capacity P,=275x 357.1/10*=98.2kN
Make all the members the same section.

Net area = (47— 18)6+< )282= 357.1 mm?

(4) Wall bracing

Theload on the wall bracing and the force in the bracing member are shown in
Figure 9.22(b).

Design load =1.4 % 20.62 =28 9kN

Provide 50 x 50 x 6 angle

(5) Further considerations
Design for load on one gable

In a long building the bracing should be designed for the maximum load at one
end. This is the external pressure and internal suction on the gable plus one
half of the frictional drag on the roof and walls. In this case if the design is
made on this basis:

Roof bracing: Design load in 4 H=25.1kN
Wall bracing: Design load =39.2kN

The 50 x 50 x 6 angles will be satisfactory.

Single bracing system

In the above analysis cross bracing is provided and the purlins form part of the
bracing lattice girder. This arrangement is satisfactory when angle purlins are
used. However, if cold-rolled purlins are used the bracing system should be
independent of the purlins. A suitable system is shown in Figure 9.22(c), where
the roof-bracing members support the gable columns. Circular hollow sec-
tions are often used for the bracing members.

9.7.6 Example: bracing for a multi-storey building

The framing plans for an office building are shown in Figure 9.23. The floors
and roof are cast in situ reinforced concrete slabs which transmit the wind load
from the internal columns to the end bracing. Design the wind bracing using
Grade 43 steel.

(1) Wind loads

The data for the wind loading are:
Basic wind speed V =45m/s
Topography factor $;=10

Ground roughness—Category =4
Building size Class =B
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Factor S,

Roof H=13m 5,=0.66
Second floor H=11m S§:=0.63
Firstfloor H= 7m 5,=0.58

The height of the building has been divided into parts for me2<urement of H as
follows:

Roof —to the top of the buildiny

Second floor—mid-way between second floor and roof

First floor —mid-way between the first and second floor (see Figure
9.23).

Statisucal factor S3=1.0

The design wind speeds and dynamic pressures are:

Roof V,=45x0.66=29.7m/s
q =0.613x29.72/10°=0.54 kN/m?
Second floor V =28.4m/s

g  =049kN/m?
First floor V =26.1m/s
q =0.42kN/m?
5@ b4m= 20m . 3@ 4m = 12m
7_ Roof
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Figure 9.23 Framing plans for a multi-storey building




Bracing 297

The force coefficients C; for wind on the building as a whole are taken from
Table 10 of the wind code. These are shown in Figure 9.24 for transverse and
longitudinal wind:

d=12m L = length of buiding = 20m
w = width of buildng = 12m
X h = height of building = 13 m
T
Wind  Transverse
e L/w b/d Ct for h/b =065
— E
N 1-66 166 0991
F=]
-1
d=20m | . s
- Wind  Longitudinal
[ 1
N L/w bsd €t for h/b=108
£ 166 0-6 0-816
- ~

b=

Figure 9.24 Wind loads: force coefficients

Force= Ciq A,
where A, =effecuve frontal area under consideration

Wind drag on the roof and walls need not be taken into account because
neither the ratio d/h nor d/b is greater than 4.

(2) Transverse bracing
The loads at the floor levels are:

P =0.981x0.54%x2x10 =10.6kN
Q =0981x049x4x10 =19.2kN
R =0981x042%x45%x10 =18.5kN

The loads are shown in Figure 9.25(a) and the forces in the bracing members in
tension are also shown in the figure. The member sizes are selected (see Figure
9.25(c)).

Member QT, RU

Design load=1.4 x42.1 =58.9kN
Provide 50 % 50 x 6 angle. The tension capacity allowing for one No. 18-mm
diameter holes was calculated in Section 9.7.5 (2) above. This is 98.2kN.

Using 16 mm diameter Grade 4.6 bolts:
Capacity 25.1 kN in single shear:

Member QT—provide two bolts each end
Member RU—provide three bolts each end
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Figure 9.25 Bracing member design

Member S V

Design load=1.4x77.3 =108.22kN
Try 70 x 70 x 6 angle with 20-mm diameter bolts with capacity in single
shear of 39.2 kN per boit.
No. of bolts required at each end =3
For the angle
Net area = 538.7mm?
Tension capacity = 148.1 kN

Note that a 60 x 60 x 6 angle with 16 mm bolts could be used but five bolts
would be required in the end connection.
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(3) Longitudinal bracing
The loads at the floor levels are:

A =0816%x0.54x2x6 =529kN
B =0.816x0.49%x4x6 =9.6 kN
C =0816x042x45%x6 =925kN

The loads are shown in Figure 9.25(b) and are divided between the bracing at
each end of the building. Those in the bracing members in tension are shown in
the figure.

The maximum design load for member DG is

=1.4x19.32 =27.1kN

Provide 50 x 50 x 6 angles for all members. Tension capacity 98.2 kN with one
18 mm diameter hole. 2 No. 16-mm diameter bolts are required at the ends of
all bracing member.

Problems

9.1 Aflatroofbuilding of 18 m span has 1.5 m deep trusses at 4-m centres. The
trusses carry purlins at 1.5-m centres. The total dead load is 0.7 kN/m? and
the imposed fload is 0.75 kN/m?:

(1) Analyse the truss by joint resolution.
(2) Design the truss using angle sections with welded internal joints and
bolted field spilices.

9.2 A roof truss is shown in Figure 9.26. The trusses are at 6-m centres, the
length of the building is 36 m and the height to the eaves is 5Sm. The roof
loading is:

Dead load =0.4kN/m? (on slope)
Imposed load =0.75 kN/m? (on plan)

The wind load is to be estimated using CP3: Chapter V: Part 2. The
building is located on the outskirts of a city and the basic wind speed is 45
m/s.

3@ 2000 = 600 ]
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Figure 9.27 Building frame with cantilever truss

(1) Analyse the truss for the roof loads.

(2) Analyse the top chord for the loading due to the purlin spacing shown.
The dead load from the roof and purlins is 0.32 kN/m?

(3) Design the truss.

9.3 A section through a building is shown in Figure 9.27. The roof trusses are
supported on columns at A and B and cantilever out to the front of the
building. The front has roller doors running on tracks on the floor. The
frames are at 6-m centres and the length of the building is 48 m. The roof
load is:

Dead load =0.45kN/m? (on slope)
Imposed load =0.75 kN/m? (on plan)

The wind loads are to be in accordance with CP3: Chapter V: Part 2. The
basic wind speed is 45 m/s and the location is in the suburbs of a city. The
structure should be analysed for wind load for the two conditions of doors
opened and closed. Analyse and design the truss.

9.4 The end framing and bracing for a single-storey building are shown in
Figure 9.28. The location of the building is on an industrial estate on the:
outskirts of a city in the north-east of England. The length of the building is
32m. The wind loads are to be in accordance with CP3: Chapter V: Part 2.
Design the bracing.

9.5 The framing for a square tower building is shown in Figure 9.29. The
bracing is similar on all four faces. The building is located in a city centre in
an area where the basic wind speed is 50 m/s. Design the bracing.

I T~ |

Sm

6 @ bm = 16m 4m bm

Figure 9.28 Bracing for a factory building
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Figure 9.29 Framing for a square-tower building
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Workshop steelwork design example

10.1 Introduction

An example giving the design of the steel frame for a workshop is presented
here and illustrates the following steps in the design process:

(1) Preliminary considerations and estimation of loads for the various load
cases;

(2) Computer analysis for the structural frame;

(3) Design of the truss and crane column;

(4) Sketches of the steelwork details.

The framing plans for the workshop with overhead crane are shown in Figure
10.1. The frames are spaced at 6.0 m centres and the overall length of building
is 48.0 m. The crane span is 19.1 m and the capacity is 50 kN.

Design the structure using Grade 43 steel. Structural steel angle sections are
used for the roof truss and universal beams for the columns.

Computer analysis is used because plane frame programs are now generally
available for use on microcomputers. (The reader should consult references 16
and 22 for particulars of the matrix stiffness method analysis. The plane frame
manual for the particular software package used should also be consulted.)

_ 8 bays (@ 6m = 4Bm
! I—Purhns Crane Grder
A [
—1— Eaves Tie
Roof
bracng q Bottom chord supports
n top S I— ted nfo bracng in
chord I‘ top chord
Truss
Top chord level Eaves level

Roof Plan

302
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Figure 10.1 Arrangement of workshop steel frame

A manual method of analysis could also be used and the procedure is as
follows:

(1) The roof truss is taken to be simply supported for analysis;

(2) The columns are analysed for crane and wind loads assuming portal ac-
tion with no change of slope at the column top. The portal action intro-
duces forces into the chords of the truss which should be added to the
forces in (1) for design.

The reader should consult references 15 and 21 for further particulars of the
manual method of analysis.

10.2 Basic design loads

Details of sheeting and purlins used are given below:

Sheeting Cellactite 11/3 corrugated sheeting, type 800 thickness
0.8 mm. Dead load =0.1 kN/m2. The loads and estimated
self weight on plan are as follows:

Roof dead load (kN/m?)
Sheeting 0.11
Insulation and lighting 0.14
Purlin self weight 0.03
Truss and bracing 0.10
Total load on plan 0.38

Imposed load on plan=0.75 kN/m?
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Purlins Purlins are spaced at 2.1 m centres and span 6.0m between
trusses
Purlin loads=0.11+0.14+0.75=1.0kN/m?
Provide Ward Building Components Purlin A200/180
Safe load = 1.07 kN/m?*

Walls— Cladding, insulation, sheeting rails and bracing=0.3 kN/m?
Stanchion— Universal beam section, say 457 % 191 UB 67 for self-weight

estimation

Crane data—Hoist capacity =S50kN
Bridge span =19.1m
Weight of bridge =35kN
Weight of hoist = SkN
End clearance =220mm

End-carriage wheel centres =2.2m
Minimum hook approach =1.0m

Wind data— Wind loads are calculated using CP3: Chapter V: Part 2.
Basic wind speed, V=45m/s
Location—North-east England: the structure is sited on the
outskirts of a city with obstructions up to 10m height.
Ground roughness is Category 3 and building size is Class B.

10.3 Computer analysis data

10.3.1 Structural geometry and properties

The computer model of the steel frame is shown in Figure 10.2 with numbering
for the joints and members. The joint coordinates are shown in Table 10.1.
The column bases are taken as fixed at the floor level and the truss joints and
connections of the truss to the columns are taken as pinned. The structure is
analysed as a plane frame. The steel frame resists horizontal load from wind
and crane surge by cantilever action from the fixed based columns and portal
action from the truss and columns. The other data and member properties are

shown in Table 10.2.

Table 10.1 Joints coordinates of structure

Joint X-dist. Y-dist. Joint X-dist. Y-dist.
1 0.00 0.000 14 12.1 8.415
2 0.00 5.500 15 12.1 7.000
3 0.00 7.000 16 14.2 8.305
4 0.00 8.000 17 14.2 7.000
5 1.60 7.000 18 16.3 8.195
6 1.60 8.085 19 16.3 7.000
7 3.70 7.000 20 18.4 8.085
8 3.70 8.195 21 18.4 7.000
9 5.80 7.000 22 20.0 8.000

10 5.80 8.305 23 20.0 7.000

11 7.90 7.000 24 20.0 5.500

12 7.90 8.415 25 20.0 0.000

13 10.0 8.525 lla 10.0 7.000
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Computer analysis data
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Table 10.2 Structural control data

Number of joints =26
Number of members =45
Number of joint loaded =13
Number of member loaded = 4
Elastic modulus E = 205000 N/mm?
Columns: try 457 x 191 UB67
A=854cm? Ex A=1751 MN

I, =29401 cm* ExI, =60.3MN/m?
Top chord angles: try 100 x 100 x 12 mm angles
A=22.7cm? Ex A =465 MN
Bottom chord angles: try 90 x 90 x 8 mm angles
A=139cm? Ex A =285 MN
All web members: try 80 x 80 x 6 mm angles
A=9.35cm? Ex A4 =192MN
Note: All E x [ values of the steel angles used in the truss are set to nearly zero.

10.3.2 Roof truss: dead and imposed loads

For the steel truss the applied loads are considered as concentrated at the
purlin node points. With the purlin spacing of 2.1 m the applied joint loads at
the top chord are:

Dead loads per panel point =0.38x6x2.1=48kN
Imposed loads per panel point=0.75x 6 x2.1=945kN

PSP P P P P P P P 9P P

I N A AT
P$ PS
DL, P = &-BKN s
IL, P = 9:-45kN &~
Stanchion, crane beam & cladding
, P = 20kN
e e N —
[ 20m |
= =1

Figure 10.3 Applied dead and imposed loads on truss

Figure 10.3 shows the dead and imposed loads applied on the steel truss at the
top chord node points. The dead load of crane girder, side rail, cladding and
vertical bracing are assumed to load directly on to the column without affect-
ing the roof truss. The estimated load is 18 kN per leg.

10.3.3 Crane loads

The maximum static wheel load from the manufacturer’s table is

Maximum static load per wheel =35kN
Add 25% for impact 35x1.25 =43.8kN
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The location of wheels to obtain the maximum reaction on the column leg is
shown in Figure 10.4, with one of the wheels directly over the support point;

2:2m
o
crane
wheels stanchion
U] T

f{ \ crane beam bracket
6m

L

6m

bl
TMux- reaction
Figure 10.4 Wheels location for maximum resction

Maximum reaction on the column through the crane bracket
=43.8+43.8x(6—2.2)/6

=43.8x1.63 =71.5

Corresponding reaction on the opposite column from the crane
=8.7x1.25%1.63 =17.7kN

Transverse surge per wheel is 10 per cent of hoist weight plus hook load
=0.1 x(50+ 5)/4 =1.4kN

The reaction on the column is
=1.4x71.4/43.8 =2.28kN

Crane load eccentricity from centre line of column assuming 457 x 191 UB
67:
e=220+457/2=448.5 say 450 mm

Figure 10.5 shows the crane loads acting on the frame. The two applied
moments are due to the vertical loads multiplied by the eccentricities.

F#
V-L P, =17 TkN

[ R
150
P= 71 GkN
l He = 14kN He= 16 kN
—— i
1@:3»0 kN-m Q M =321 kN-m
ﬁ—'
LHS RHS

Figure 10.5 Crane loading on steel frame

10.3.3 Wind loads, wind angle 0 degrees to the structure

Design wind speed = basic wind speed x S, x §, x S3. Take the topographical
and statistical factors S; and S, as unity. For a building of size class B and
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ground roughness category 3, for a given height, the wind factor S is
determined:

Design wind speed V,=45x1x1x5;=45x S, m/s

Dynamic wind pressure ¢ =0.613 x (45 S,)? N/m?

Table 10.3 Wind pressures on roof and walls

Height (m) S: V,(m/s) q(kN/m*)
Roof 9 0.74 333 0.68
Walls 7 0.66 29.7 0.54

Table 10.3 gives the dynamic wind pressures for the roof and the walls.
For roof surface with pitch of 3 degrees, wind angle 0 degrees and

hjw=6/20=0.3 <1/2
External pressure coefficient on roof surface:

EF  Ch=-09
GH =C,.=-04

For walls hiw <0.5;3/2 <1/w=48/20=2.4 <4

Wall A Cp=07
B Ch=-025

From Appendix E, CP 3: Chapter V: Part 2 for the case where there is a
negligible probability of a dominant opening occurring during a severe storm
C,i is taken as the more onerous of:

Internal suction = —0.3
Internal pressure= +0.2

The net pressure coefficients acting on the surface of the structure are shown in
Figures 10.6(a) and (b).
Internal suction, wind loads:

on wall AB=0.54x(0.7+0.3)x6 =3.25kN/m
DE=0.54x(0.25-0.3)x 6 =—0.16kN/m

on roof BC=0.68 x (—0.9+0.3)x6x2.1=—5.14kN per node
CD=0.68%(—0.4+0.3)x6x21= —0.86 kN per node

-09 -0 -09 -04
7%

g AP 0z
(o) —

a) Internal suchion b) Internal pressure

Figure 10.6 Wind-pressure coefficients: a=0 degrees
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Internal pressure, wind loads:

on wall AB=0.54x(0.7-0.2) x 6 =1.62kN/m
DE=0.54x(-0.25-02)x6 = —1.46kN/m
onroof BC=0.68x(—09-02)x2.1 =-943kN per node

CD=0.68 x(-0.4-0.2) x6x2.1= —5.15kN per node

The calculated wind forces for the computer analysis are given in Figures
10.7(a) and (b) for the internal pressure and suction cases, respectively.

—— W2 W, — Wb We —
W2 — Wi AWl — We we — Lws W7 ws

o

3-25 kN/m
noyw o0

0-16kN/m
1-62 kN/m

a) internal suction b) Internal pressure

Figure 10.7 Wind loads on structure: « = 0 degrees

10.3.5 Wind loads, wind angle 90 degrees to the structure

For roof surface with 3 degree pitch, wind angle 90 degrees and h/w=6/20
=03 <1/2:

External pressure coefficients on both roof slopes are —0.8
External pressure coefficients on both walls are -0.6
Internal pressure coefficient is +0.2

o §'57 kN/node —_—

L2kN 42in

&
E z
z a2
- o~
o~ -]
et s
m

Figure 10.8 Wind loads on structure: o =90 degrees

The wind pressure coefficients and calculated wind loads are shown in Figure
10.8.
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10.4 Results of computer analysis

A total of seven computer runs were carried out with one run each for the
following load cases:

Case (1) Deadloads —(DL)

Case (2) Imposed loads—(IL)

Case (3) Wind loads at 0 degrees angle, internal suction—(WL, IS)
Case (4) Wind loads at 0 degrees angle, internal pressure—(WL, IP)
Case (5) Wind loads at 90 degrees angle, internal pressure—(WL, IM)
Case (6) Crane loads, when maximum wheel loads occur—(CRWL)
Case (7) Crane surge loads—(CRSL)

Table 10.4 gives the summary of the truss member axial forces extracted from
the computer output. There are no bending moments in the truss members. It
was found that the crane loads do not produce any axial force in truss mem-
bers listed in Table 10.4, except for those truss members connected directly to
the column legs, which have some forces due to crane loads. They are members
3-4, 3-5, 4-5, 4-6, 20-22, 21-22 and 22-23.

Table 10.5 shows the member axial forces and moments for the column legs
and the truss members connected directly on to it. There are no bending
moments for members 3—4, 3-5, 4-5, 4-6, 20-22, 21-22 and 22-23.

The following five critical loads combinations are computed:

(1) 1.4DL+16LL

(2) 1.4DL+1.6 LL+1.6 CRWL

(3) 1.0 DL+ 1.4 WL (wind at 0°, L.S.)
(4) 1.0 DL+ 1.4 WL (wind at 0°, L.P.)
(5) 1.0 DL+ 1.4 WL (wind at 90°, L.P.)

The maximum values from the above load combinations are tabulated in
Tables 10.4 and 10.6. These will be used later in the design of members.

Note that design conditions arising from notional horizontal loads specified
in Clause 2.4.2.3 of BS 5950: Part 1 are not as severe as those in cases 2-5 in
Table 10.4. The displacements at every joint are computed in the analyses, but
only the critical values are of interest. They are summarized in Table 10.7 and
compared with the maximum allowable values.
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Table 10.4 Summary of member forces (kN) for truss

Member Dead Imposed Wind Wind 14DL+ DL+ 14 DL+ 14
load load a0 at 90° 161IL x wind x wind
(DL)  (IL) (IP) (IP) at 0 at 90°
4+ 6 - 13 - 25 175 30 - 592 232 - 13
6 8 -30.7 - 6045 63 55.6 -139.70 57.5 47.14
8-10 —47.5 - 9353 856 854 —216.14 72.34 72.06
10-12 —54.5 -107.31 90.7 97.9 —248.00 72.48 82.56
12-13 —54.5 -107.31 90.7 -97.9 —248.00 72.48 82.56
13-14 -54.5 —107.31 90.7 97.9 —248.00 72.48 82.56
14-16 —54.5 —107.31 90.7 97.9 —248.00 72.48 82.56
16-18 —-475 — 93.53 85.6 854 —216.14 72.34 72.06
18-20 —30.7 — 6045 63 55.6 -139.70 57.5 47.14
20-2 - 13 - 25 175 30 - S92 232 - 13
3-5 40.5 79.74 -50.3 —-63 184.29 —-29.92 -47.7
57 6.1 1201 - 6.0 - 1.6 27.76 6.1 —38.6
7-9 233 4588 -514 -50.9 106.02 —48.66 —-47.96
9-11 40 78.76 —-74 —80.6 182.02 —63.6 —72.84
11-11a 46.4 91.36 —704 -91.9 211.14 -52.16 —82.26
11a-15 46.4 91.36 —-70.4 -91.9 211.14 —52.16 —82.26
15-17 40 78.76 —47.3 —-80.6 182.02 -26.22 -72.84
17-19 233 45.88 —189 -50.9 106.02 - 316 —-47.96
19-21 6.1 12.01 -251 - 1.6 27.76 —29.04 3.86
21-23 40.5 79.74 -734 —63 18429  —62.26 ~47.7
45 40.6 7994 -66.4 ~-72.3 184.75 —52.36 —60.62
56 —21.5 - 4233 35.2 8.4 - 97.83 27.78 3226
45 40.6 7994 -66.4 —-723 184.75 -52.36 —60.62
5- 6 -21.5 - 4233 352 384 - 97.83 27.78 32.26
67 33.1 65.17 —51 -59 150.62 —-383 —49.5
7- 8 —-152 - 2993 235 27.1 - 69.17 17.7 22.74
8-9 19.3 38.00 -259 -—343 87.82 —16.96 -28.712
9-10 - 9.6 - 18.90 12.8 169 — 43.68 8.32 14.06
10-11 8.3 16.34 6.0 —-14.7 - 37.77 8.3 —-12.28
11-12 - 48 - 945 9.4 8.6 - 21.84 8.36 7.24
11-13 8 945 —10.7 - 1.4 3.64 —14.18 - 116
13-11a 0 0 0 0 0 0 0
13-15 8 1.58 8.5 - 14 364 - 27 - 116
1415 - 48 - 945 5.1 8.6 - 21.84 234 7.24
15-16 8.3 16.34 —19.2 -14.7 31.77 —18.58 -12.28
16-17 - 96 - 18.90 16.1 16.9 — 43.68 12.94 14.06
17-18 19.3 3800 —326 —-343 87.82 —26.34 —-28.72
18-19 -15.2 - 2993 228 27.1 - 69.17 16.72 22.74
19-20 33.1 65.17 —49.6 - 59 150.62 —36.34 —49.5
20-21 -215 - 4233 30.2 384 - 97.83 20.78 32.26
21-22 40.6 7994 - 57 -723 184.75 -39.2 -60.2

Notations: DL = dead load
IL = imposed load
IP = internal pressure
{ — )=compression
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Table 10.5 Summary of member forces (kN) and moments (kNm) for columns and truss members
connected to them

Member Dead Imposed Crane Crane Wind Wind Wind
load load load load at 0° at0* at 90°
(DL) (IL) (CRWL) (CRSL) (IS) (IP) (IP)

i-2 -264 -519 169 0.4 9.4 409 427
M) Top -221 -435 - 71 -4 65 -241 —477
Bottom  18.6 36.6 1.3 86  -35.1 8.3 54.1
2-3 -264 ~519 - 07 0.4 8.8 38.5 40.7
(M) Top -331  -649 42 4 - 35 -389 -584
Bottom —22.1 ~—435 09 -4 65 —241 —417
34 -264 -519 - 07 -04 8.8 38.5 40.7
M) Top 0 0 0 0 0 0 4
Bottom —33.1 —649 42 4 - 35 -389 -584
3-5 -405  -79.7 7.5 4 13.2 50.3 63
45 40.6 799 - 17 -1 ~145 -664 —T723
46 -13 -26 -27 -31 - 88 17.5 3
20-22 - 13 - 26 9.1 31 - 72 17.5 3
21-22 406 79.9 24 1 —101 -57  -723
21-23 -405 -797 - 18 -4 255 -734 —63
22-23 -24 -519 - 07 —04 5 30.8 40.7
(M) Top 0 0 0 0 0 0 0
Bottom -—33.1 -649 11 4 -179 -619 -584
23-24 -264 -519 - 07 -04 5 30.8 40.7
M) Top ~331  —649 1 4 -179 -619 -—584
Bottom —22.1 -435 16 0.4 69 -427 -—472
24-25 -264 =519 -722 —04 5.2 321 427
M) Top -221 -435 159 -4 69 —427 -417

Bottom 186 36.6 24 86 —174 63.6 542
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Table 10.6 Loads combination for Table 10.5

14DL+ 14DL+ 14DL+ DL+14xDL+14%xDL+14%x12(DL+TC
16DL I6LL+ I16LL+ Windat (" Windat 0" Windat90°+ 1.2 Wind
16CRWL 14TCL (IS) (IP) (IP) at0* (IS)

—12000 -147.04 -1464 —1324 30.86 3338 - 40.20
Top ~100.54 —111.90 —1183 —13.00 - 5584 — 88.88 - 32.04
Bottom 84.60 102.68 116.68 —30.54 30.22 94.34 4.08

—120.00 -121.00 -12048 -—14.08 27.50 30.58 - 21.48
Top —150.18 —14346 -137.1 -3800 - 87.56 -114.86 - 34.08

Bottom —100.54 — 99.00 —1055 —13.00 — 5584 -— 88.88 — 22.44

—12000 -121.00 -121.76 -—14.08 27.50 3058 — 22.44
Bottom -150.18 —14346 -—137.06 -3800 — 87.56 —114.86 — 34.08

-184.22 -172.22 ~-165.82 —22.02 2992 4770 - 18.96
184.68 18200 -—180.36 2030 — 52.36 - 60.62  28.08
- 598 — 1030 - 1526 —13.62 23.20 290 - 19.08
- 598 8.58 13.54 —11.38 23.20 2.90 444
184.68  188.52  190.12 2646 — 3920 - 60.62  40.68
—18422 —196.70 -197.34 - 480 -14326 —128.70 - 27.84
-12000 —121.12 -121.76 —19.40 1672 3058 - 27.00
Top 0 0 0 0 .00 .00 .00
Bottom —150.18 —132.58 —126.18 —58.16 —119.76 —114.86 — 4320
-12000 -121.10 —121.76 —19.40 30.58 — 27.00
Top  —150.18 —132.58 -126.18 —-56.16 11976 —114.86 - 43.20
Bottom —100.54 — 7494 - 6854 —1244 — 8188 - 8818 5.76
12000 -23552 -23616 —19.12 1854 3338 —112.56
Top  -100.54 —12598 -13238 —1244 - 81.88 — 8888 — 42.12
Bottom 8460 8844 1022 - 576  107.64  94.48 14.64

Read member number from Table 10.5

Table 10.7 Critical joint dispiacements

Load case: 1.0 DL+ 1.0LL

Max. vertical deflection at joint 13 =32.1 mm
Max. horizontal deflection at joints 2 and 24 = 3.7mm
Horizontal deflection at joint 22 = 1.8mm
Load case: 1.0 CRWL + 1.0 CRSL

Max. horizontal deflection at joint 22 =2.62mm
Load case: 1.0 CRWL=1.0 Wind at 0° LS.

Max. horizontal deflection at joint 22 =7.86mm

Allowable vertical deflection = L/200= 20 x 1000/200
=100mm > 32.1 (Satisfactory)

Allowahie herk ) deflection = £/300 = 8 x 1000/300
=27mm
Max. horizontal deflection =1.8+7.86

=9.66mm < 16 (Satisfactory)

10.5 Structural design of members
10.5.1 Design of the truss members

Using Grade 43 steel with a design strength of 275 N/mm?, the truss members
are designed using structural steel angle sections.
Top chord members 10-12, 12-13, 13-14 and 14-16, etc.
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Maximum compression from loads combination (2) = — 248 kN
Maximum tension from loads combination (5) =82.6kN
Try 100 x 100 x 12.0 mm angle

r,=1.94cm, A=227cm?
The section is plastic. Lateral restraint is provided by the purlins and web
members at the node points.

Slenderness L/r,=2110/19.4=108
p.=113N/mm? (Table 27(c))

Compression resistance:

P.=113x22.7/10=256kN > 248 kN (Satisfactory)
The section will also be satisfactory in tension.

Bottom chord members 9-11, 11-11a, 11a-15 and 15-17 etc.

Maximum tension from loads combination (1) =211.1kN
Maximum compression from loads combination (5)= —82.3kN
Try 90 x 90 x 8.0 mm angle

r,=1.76cm, A=139cm?
Tension capacity =275 x 13.9/10=382kN > 211.1kN
Lateral support for the bottom chord are shown in Figure 10.1. The
slenderness values are:
Lg/r,=2110/17.6 =119
Lg/r,=4200/27.4=153
p.=66 N/mm? (Table 27(c))
Compression resistance =66 x 13.9/10=92kN

> 82kN (Satisfactory)

All web members
Maximum tension = 184.8 kN (members 4-5)
Maximum compression= —97.8 kN (members 5-6)

Try 70 x 70 X 6.0 mm angles
A=8.13cm?
r,=137cm, r,=2.13cm

The slenderness is the maximum of:
Lg/r,=0.85x1085/13.7=67.3
Lg/r,=(0.7+1085/21.3)+30=65.6
p.=186.4 N/mm? (Table 27(c))
P.=186.4x8.13/10=151.5kN > 97.8kN (Satisfactory)

The angle is connected through one leg to a gusset by welding.
Net area =7.77 cm?
Tension capacity=275x 7.77/10=214kN

> 184.8 kN (Satisfactory)

10.5.2 Column design

The worst loading condition for the column is that due to ultimate loads from
dead load, imposed load and maximum crane load on members 24-25. The
design loads are extracted from Table 10.6 as follows:
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Maximum column compressive load = —236kN
Maximum moment at top of column = — 126 kNm
Corresponding moment at bottom =  88kNm

Try 457 x 191 UB67, the properties of which are:
A=854cm?, r, =18.55cm,

u=03873 ry =4.12cm,
x =379 S, =1470cm?
Z,=1296cm?

Design strength  p, =275 N/mm? (Table 6 of code)
Effective lengths L, =1.5 x 7000 = 10 500 mm (Appendix D of code)
L, =0.85x5500=4675mm (Appendix D of code)

Maximum slenderness ratio:

A=Ly/r,=4675/41.2=113.4

from Table 27(c) the value of p, = 105.6 N/mm?

Value of Mcx =S, x Py=1470 x 275/1000 = 404 kNm
Check for 1.2 x 275 x 1296/1000=427 kNm > 404

B=M,/M,=—88/126= —0.698

From Table 18 equivalent moment factor m=0.43

Equivalent moment M =m x M, =0.43 x 126 =542 kNm

Determine the value of buckling resistance moment M,

Avr=nuv A

taken=1.0and N=0.5

with 1/x=113.4/37.9=2.99; from Table 14, v=0.91
Air=1.0x0.873x0.91x113.4=90.1

From Table 11, the value of p, = 143.8 N/mm?
My=S8, X p,=1470 < 143.8/1000=211.4 kNm

Check for local capacity at top of column:

F M,
+
Ay ¥ p, M,

23610 126
e ———— +—=0.14031=04 i
Le 854275 " 204 0.1+0.31=0.41 <1 (Satisfactory)

<1

Similarly, check for local capacity at bottom of column. The interaction
criteria is equal to 0.317, which is satisfactory. Check the stanchion for overall
buckling:

F M
+— <

Alxpc Mh
236 x 10 54.2

Le. +
85.4x 1056 2114

1

=0.26+0.26=0.52 < 1 (Satisfactory)

The 457 x 191 UB67 provided is satisfactory. The reader may try with a 457
% 152 UB60 to increase the stress ratio and achieve greater economy. For the
design of the crane girder the reader should refer to Chapter 5.
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10.6 Steelwork detailing

316

The details for the main frame and connections are presented in Figure 10.9.
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11
Microcomputer applications

11.1 Application of computers in design

The use of the computer in structural design greatly increases speed of
calculation and numerical accuracy. It also makes possible the selection of a
number of alternative sections, all of which have been subjected to compre-
hensive checks to ensure that they meet the relevant requirements. The final
choice of section is made on the basis of economic or functional criteria.

The design process of a structure consists of four main stages, as discussed
in Chapter 1. These are:

(1) Preliminary considerations and design;
(2) Structural analysis;

(3) Detailed design;

(4) Preparation of drawings.

The application of the computer differs in character in the various stages due
to the nature and requirements of the particular process under consideration.
These aspects are discussed below.

11.1.1 Preliminary design

Preliminary design is carried out to evaluate alternatives and come to a deci-
sion regarding the materials and structural system to be used. The effect of the
other considerations, including environmental factors, construction methods,
etc., will also need to be assessed.

At this stage many of the decisions are based on the engineer’s experience,
but a computer, with suitable software, can be useful in the appraisal of differ-
ent design proposals. In order to reduce the work and computation time only a
simplified structural model using typical loads should be used. Calculation of
preliminary quantities and costs of alternative systems to enable comparisons
to be made can also be computerized.

11.1.2 Structural analysis

Following the preliminary design, the material and structural system to be
used can be selected and the design loads can be closely estimated. The struc-
tural model can be built up using dimensions and member sizes from the

317
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preliminary design. Several runs may be required before arriving at the final
analysis.

In rigid frame analysis the computer sets up the stiffness matrix for the
structure, inverts this matrix and multiplies by the load matrix to give the
deformation matrix and subsequently all the member forces.2? In this process
very large matrices must be stored, accessed and manipulated mathematically.

Moderate-sized structures can be analysed using a plane-frame program on
a microcomputer. Large structures will require the use of a mini- or main-
frame computer.

Part of the analysis is to combine the separate load cases and introduce the
appropriate load factors to give the critical values of axial load, shear and
moment for design of each element and connection.

In most of the examples in this book the design actions can be determined
manually. However, in the example in Chapter 10 a plane frame matrix stiff-
ness program has been used in the analysis.

The output of structural analysis is conveniently stored in large sequential
files on magnetic disk. In this form it is very convenient for subsequent
retrieval and input as data into the design program.

11.1.3 Detailed design

Detailed design consists of selecting suitable member sizes and designing con-
nections using design actions from the analysis program. All design programs
follow through the procedure, checking strength (including stability and ser-
viceability) to ensure that the section meets all the requirements set out in the
code of practice.

Microcomputers of not less than 64K RAM are capable of handling most
design programs and programs for beams, columns and column bases are
given later in this chapter.

11.1.4 Preparation of drawings

Drawings are the final product of a design office. Computer-aided drafting
(CAD)can make a considerable saving in the time required for preparation of
drawing. As graphics require large storage memories and fast computing
speed, CAD was previously possible only on mainframe and minicomputers.
With recent improvements some CAD software can be run on a micro-
computer.

The basic equipment required for CAD is as follows:

(1) The basic computer system—this includes the processor, keyboard, text
display screen and disk drives.

(2) The workstation—a high-resolution graphics monitor to display the
drawing on the screen.

(3) The digitizer—also termed the ‘tablet’, used as a pointing device for in-
putting graphics into the computer.

(4) The plotter—used to plot the final drawing on paper.

It is now possible to link computer analysis, design and drafting together into
one package system, known as Computer Aided Design and Drafting
(CADD). In such a fully computerized system no manual work is required in
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transferring data from one stage to another. Repeated designs can be perfor-
med effortlessly until the designer is satisfied with the final results.

11.2 General aspects of microcomputers

The 8-bit microcomputers are now very cheap. Some cost less than the month-
ly salary of an engineer for a complete system, including a printer. The micro-
processors employed in these 8-bit computers include the Zilog ~ Z80 chips
and the MOS - 6502 chips, which have clock speeds of 2.2 MHz. With 8-bit
chips the maximum random access memory that can be directly accessed at a
time is roughly 64K bytes, equal to the size of a 25-page document.

The more powerful 16-bit microcomputers commonly employ Intel 8088
and 8086 chips, which have clock speeds of 4.77 MHz and 8.0 MHz, respec-
tively. These computers with faster processing speeds are capable of running
programs requiring up to 512K RAM memories. The IBM-PC and many
other similar 16-bit microcomputers are currently in general use in industry.
When ‘number crunching’ is important, an 8087 numeric data coprocessor
can be installed. This increases the operating speed by four to fifteen times,
and improves the numerical accuracy of the computations.

For heavy users, installing a hard disk with the PC will speed up data input/
output and loading of programs. Hard disks are now low in cost and are
available in 20, 30 M byte capacities. They are thin and fit neatly into the
drive slot. Directories and Paths for programs and data filing make file search-
ing extremely easy. At the time of writing, a 32-bit processing board using the
NS-32081 chip has become available for attachment to the PC. A clock speed
of 10 MHz is achieved with this chip.

Higher-end microcomputers using 32-bit chips are now available. These
include microcomputers based on Intel 80386 and Motorola 6800 series chips.
Many small design firms that may not be able to afford a minicomputer will
find these machines a good substitute. The high computing speed and large
RAM and storage capacity make them suitable for many engineering and
business applications. Two common disk-operating systems, DOS, that are
currently employed in the 16-bit microcomputers include the MS-DOS and
the CP/M DOS.

It is very important to keep abreast of computer developments. In the near
future automated design and drafting will be available in most design offices.

11.3 Considerations in writing design programs

In writing a design program it is much easier if the code of practice follows a
logical sequence of requirements and checks and all the design stresses and
factors are given in closed-form mathematical expressions. This increases the
speed of calculation and avoids unecessary wastage of memory space or the
need for additional storage data files. In the above aspects, the new limit state
steel code is much superior to BS 449.

Programming languages such as FORTRAN, BASIC and PASCAL can be
used on the IBM-PC. Microsoft BASIC has been found to be very satis-
factory. It allows interactive input and ease of input/output control and the
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BASIC statements and functions are well documented in the IBM manual.
When speed is of great importance, the BASIC compiler version may be used.
This increases computation speed several times, and also gives the capability
for processing batch files.

When the requirements of a design program are known the overall ap-
proach to the solution is decided first. This usually requires successive trials
using a file of section properties. Then the complete programming process
involves the following three main stages:

(1) Flow charting. This is the systematic presentation of the precise logical
procedures and steps required in the program. The flow charts are inde-
pendent of the particular computer and programming language

(2) Program coding. The procedures given in the flow charts are translated
into a form which is acceptable to the computer. ‘

(3) Computer operation. The program coding is typed into the computer
memory and the entire program is saved as files in a permanent storage
device. The program is then throughly tested and ‘de-bugged’ and, when
all errors have been eliminated, it is ready for production runs.

It is essential to structure the program before constructing flow charts and
starting coding. This is carried out by systematically breaking up the overall
program into separate subprograms and subroutines. This simplifies the
program writing and ‘de-bugging’ and reduces the length.

It should be noted that the design output format is important and should
present all the necessary information clearly. The printed results should in-
clude the input data, design strengths, the key parameters and the selected
section. Graphic output could enhance the clarity of the results. The graphic
capability depends on the type of computer used and its available graphic
commands. In some cases it is possible to pipe data through drafting software,
resulting in considerable time saving in programming for graphic output.

11.4 Steel beam design program

11.4.1 Program discussion

Simply support steel beam design is chosen first here to illustrate computer
programming to the new limit state code. The beam arrangement is shown in
Figure 11.1. The program designs beams of compact and plastic section and
only simple loadings are used to reduce the program length. The flow chart of
the program is shown in Figure 11.2 and the subroutine ‘PB’ for computing
the bending strength p, is shown in Figure 11.3. The notations used are the
same as that given in BS 5950: Part 1 or defined within the flow charts. The
salient points are discussed below:

(1) There are two sets of input data in the design program. The first is the
structural data consisting of span, laterally unsupported length and the
design loads. The second set is the input of the trial section and its pro-
perties. If a section properties data files is created then the trial section can
be selected by a search process in the program.

(2) The program computes the values of the maximum moment, shear force
and the equivalent slenderness ratio. The bending strength p,, moment
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capacity M, and shear capacity P, are then calculated. Both bending and
shear are checked for adequacy.

(3) The beam must also comply with the serviceability limit state for deflec-
tion. The unfactored imposed loads are used to calculate the deflection
which should not exceed the limit given by the code. These limits are L/180
for cantilever, L/360 for beams carrying brittle finishes and L/200 for
other beams.

Pg & Pq
Gk & Qk\ l at mid span
¥ INF 1TV 1 3

steel beam

L
Figure 11.1 Steel beam design

Input structural data
Span (L), Unrestrained length (Le),
Dead load (Gk) and Imposed load (@k)

{

[nput trial beam sectional properties
Ix, Sx, ry, D, Tf & Tw

f

Compute maximum moment Mu and
shear force Vu for design

}

Calculate x = Le/ry,

and )\LT =nuv >\
{

Compute moment capacity
and check adeguacy

i

Compute shear capacity
and check adegquacy

Subroutine
* PB °*

[Serviceability check AAJ

i

Print out design results
of trial section
Is design
satisfactory ?

Figure 11.2 Flow chart for simple steel beam design
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Required data

No, ALT & Py

i

NLT

Pb

0.007 * ¢ Ai7- Ao

fe = (P12 x E / Py > / Ng~2
o = 0.5 ¢ 1 + ¢ NLT +1 ) x fe

( Py % ﬂe y/i¢ ﬁ; + sqr( ﬁb‘Z - ﬂ@ )

NLT < )\o} Ho l]Pb Py |

Qutput Pb

-Figure 11.3 Subroutine ‘PB’

11.4.2 Program “S-Beam’ source listing

100
110
120
130
140
150
160
170
180
t30
200
210
220
230
240
250
260
270
280
290
300
310
320
330
340
350
360
370
380
390
400
410
420
430
440
450
460
470
480

cLS :REM ROLLED STEEL BEAM - SIMPLY SUPPORTED SPAN"
PRINT " kX k kXA RRARKEAKKAARIARKIK KRR KKK RARKIRKAKX AR KRRk K% ™

PRINT “x

PRINT ~x ¢ TO B.S.

LIMIT STATE DESIGN OF ROLLED STEEL BEAMS
1985 )

*
x

PRINT “RXAkAKAKKKKKAKRKAKKXRKKKAKAKARKERARRIK KRR KRR RKKRAR ™

PRINT

INPUT “SPAN UNIFORM DISTRIBUTED DEAD LOAD
INPUT "SPAN UNIFORM DISTRIBUTED LIVE LOAD
INPUT “MIDSPAN CONCENTRATED DEAD LOAD

INPUT “MIDSPAN CONCENTRATED LIVE LOAD

INPUT “SPAN LENGTH OF BEAM (BETWEEN SUPPORT)

Gk
ak
Pg
Pq

INPUT “EFFECTIVE LATERALLY UNSUPPORTED LENGTH

PRINT

INPUT “STEEL BEAM SIZE (TRIAL SECTION) IS
INPUT “BEAM MOMENT OF INERTIA

INPUT “BEAM PLASTIC MODULUS

INPUT “BEAM RADIUS OF GYRATION (MINOR AXIS)
INPUT "ACTUAL DEPTH OF BEAM SECTION

INPUT “BEAM FLANGE THICKNESS
INPUT “BEAM WEB THICKNESS
PRINT

Ix
Sx
Ry
D

Tf
tw

C(KN/M)
(KN/M)

<
<
<
<

KN
KN
M
M

)

)
b
)

¢ DxBxkg/m >

(cm*4)

NS=.5 : U=.9 :REM SET MONOSYMMETRY & BUCKLING PARAMETERS

PRINT

;GK
";aK
“; PG

INPUT "ACTUAL VALUE OF BUCKLING PARAMETER (DEFAULT=0.9) =";U

PRINT

INPUT "YIELD STRESS OF STEEL MATERIAL USED Py (N/mm2) =";PY

X0=DA/TF
WU=1.4%xGK+1.6xQK
PU=1.4%PG+1.6xPQ
MU=WU%xLS*2/8+PUxLS/4
VU=(WUxLS+PU) /2
LAMD=LEx100/RY
PI=3.1416 :E=206000!
LAMDO=. 4xSQR(P1~2xE/PY)
IF NS<.5 THEN 460
PSI=,8x(2xNS-1)
PSI=1%x(2%NS-1)

:GOTO 470

V=((4xNS*x(1-NS)+.05%x(LAMD/X0»*2+PS1*2)>*.5+PSI)(-.5)

u=.9



490
500
510
520
530
540
550
560
570
580
590
600
610
620
630
640
650
660
670
680
690
700
710
1000
1010
1020
1030
1C40
1050
1060
1070
1080
1090
1100
1110
1120
1130
1140
1150
1160
1170

N=(.94xWU+.86%PU) /(WU+PU)
LAMDLT=NxUxVxLAMD

GOSUB 2000
MB=SPxPB/1000

KO=MU/MB

IF ABS(K0)<1! THEN 570
C$="MOMENT CAPACITY OF TRIAL
GOTO 580

C$="MOMENT CAPACITY OF TRIAL
VB=.6xPYxDAXTW/ 1000

IF VB>=VU THEN 620

E$="SHEAR CAPACITY OF TRIAL
GOTO €30

E#="SHEAR CAPACITY OF TRIAL
REM SERVICEABILITY CHECK

Steel beam design program

:REM TO COMPUTE BENDING STRENGTH, PB

SECTION 1S INADEQUATE"

SECTION IS ADEQUATE*

SECTION 15 INADEQUATE"

SECTION 1S ADEQUATE"

DI=((5*0K*LS‘4)/384*PQ*LS“3/48)((E*IX)*(1E+08)

DM=LSx1000/360
IF DM>=DI THEN 680

D$="BEAM IMPOSED LOAD DEFLECTION IS EXCESSIVE"

D#="BEAM IMPOSED LOAD DEFLECTION [S WITHIN LIMIT®
IF ABS(KO)<=1! AND VB>=VU AND DM>=DI THEN 710

F8="ANALYSIS SHOWS THAT TRIAL SECTION IS NOT ADEQUATE"

F$="ANALYSIS SHOWS THAT TRIAL SECTION IS ADEQUATE-

P RINT ® s o m e m e e e e e e

PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT

USING"SPAN ULTIMATE DISTRIBUTED LOAD
USING"SPAN ULTIMATE CONCENTRATED LOAD
USING"MAXIMUM DESIGN MOMENT ON BEAM
USING"MAXIMUM DESIGN SHEAR ON BEAM
USING"SPAN LENGTH OF BEAM BETWEEN SUPPORTS
USING"LATERALLY UNSUPPORTED LENGTH OF BEAM

USING"BEAM SECTION MOMENT OF INERTIA
USING"BEAM SECTION PLASTIC MODULUS
USING"BEAM RADIUS OF GYRATION (MINOR AXIS)
USING"OVERALL DEPTH OF BEAM SECTION D

:GOTC 690

:GOTO

+HRuY .

1000

L2

+HRENN ¥

tRENUN ¥
L2209 2 1
2L 114

= tRRRN NN

NERRANY
ARRKURS

LA

113
L2

323

(KN/M)*" ;WU

C KN )";PU
CKN-M)>" ;MU

¢ KN )*°;vU
CM )°;LS
(M )";LE

{(ca~4)"; IX
(cm*3)°;SP
¢ cm )";RY
mn )";DA

1180
119¢
1200
1210
1220
1230
1240
1250
1260
1270
1280
1290
1300
1310
1320
1330
1340
1350
1360
1370
1380
1390
1400
1410
1420
1430
1440
1450
1460
1470
1480
1490
2000
2010
2020
2030
2040
2050
2060
2070

PRINT
PRINT
PRINT
PRINT
PRINT oo o oo e e e s b
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
PRINT
INPUT °1S REDFSIGN OF SECTION REQUIRED, Y =
[F ANS$=Y THEN 220

END

REM SUBROUTINE TO COMPUTE PB

IF (LAMDLT>LAMDO) THEN 2030

PB=PY :GOTO 2070

NLT=.007x(LAMDLT-LAMDO)
RHOE=(P1~2%E/PY)/LAMDLT"2
PHIO=.5%(1+(NLT+)*RHOE)

PB=(PY*RHOFE) /(PHI0+SQR(PHI0"2-RHOE))

RETURN

USING"BEAM FLANGE THICKNESS
USING"BEAM WEB THICKNESS
USING"BEAM SECTION RATIO OF

(221
HR¥N,
LLET R

= RERE. <
= LAk C omm )" TF
= #4 C mam )" TW
= L1 2

¢ D/T > X

USING"EQUIVALENT SLENDERNESS RATIO LAMDACLT)=
USING"MAXIMUM DESIGN BEAM BENDING MOMENT Mmax
USING"COMPUTED BENDING STRENGTH Pb
USING™ULTIMATE SECTION MOMENT CAPACITY Mb
USING“BENDING MOMENT STRESS RATIO Mmax /Mb
USING"MAXIMUM SHEAR FORCE ON BEAM Vu
USING"ULTIMATE SHEAR CAPACITY OF BEAM Pv
USING"DEFLECTION DUE TO IMPOSED ON BEAM Di
USING"MAXTMUM ALLOWABLE DEFLECTION (L/360) Dm

RN B8
221 10N
TRENRH . #
HRRREN ¥

LI T ]

Hind ne (

LI L N T Y

nRnn e

L2208 2 B4

" ; LAMDLT

(KN-M)"~ ;MU
N/mm2";PB
C(KN-M)>";MB
“3Ko
KN
KN
1]
Lt ]

YTV
)";VB
)";0I
)" ;DM

“FOR BENDING : -;
“FOR SHEAR i
"DEFLECTION : -;

:PRINT C#
:PRINT E#
:PRINT D$

"- REMARK - :PRINT Fs

YES, N =

NO ~;ANS#
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11.4.3 Program “S-Beam” statements and functions

The source listing of the computer program for the design of hot-rolled steel
beams is given in Section 11.4.2. The notation used corresponds to that in BS
5950: Part 1. For clarity in illustrating the design program, the input of section
properties from a data file is replaced by interactive input. The functions of the
various program blocks are as follows:

Statements

100- 150
160- 220

230- 360

370- 400
410- 500
510- 570

580- 620
630- 680
690- 710

1000-1230
12401370
1380-1450
1460-1490

2000-2070

Functions

Clear screen and display title.

Input beam load data Gy, Oy, Py, Pg, span and effective
length.

Input trial beam size, properties of the section and the
material design strength.

Compute ultimate design moment M, and shear V,.
Compute A, n, u, v, and Ary.

Call subroutine ‘PB’, calculate and check the buckling
resistance moment,

Calculate and check the shear capacity of beam.

Check serviceability of trial beam.

Select status string variable from the results of all the
three checks performed.

Print out beam design input data.

Print out design results.

Print status report of trial section.

If design is satisfactory then end: otherwise go to 230 for
redesign.

Subroutine ‘PB’.

11.4.4 Sample run of the steel beam program

A sample run i

s made to show the use of the steel beam design program. The

beam span is 6.0 m and the load arrangement is shown in Figure 11.4. A trial
beam section 610 x 305 UB 149 is checked for adequacy.
The sample interactive input data for the design problem is as follows:

Gk = 30 kN/m
QK = 50

Pg = 100 kN
Pq= 50 ~

i

6m

(610x305. UB 149

of grade 43 steel)

Figure 11.4 Example of steel beam design
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RUN

AKRRKKRKRRAKKAARAEEIARIKKIRRIRR KKK KR K ok K ok 3k ok ok ek
* LIMIT STATE DESIGN OF ROLLED STEEL BEAMS *
* ¢ TO B.S. 5950, 1985 ) *
HARAKIHKIIKKARKAK KA KAKEAKKKRRIAKRRRAKRAK KKK K KKK

SPAN UNIFORM DISTRIBUTED DEAD LOAD Gk (KN/M) =7 30
SPAN UNIFORM DISTRIBUTED LIVE LOAD @k (KN/M) =? 50
MIDSPAN CONCENTRATED DEAD LOAD Pg C( KN ) =2 (00
MIDSPAN CONCENTRATED LIVE LOAD Pq C KN ) =? 50
SPAN LENGTH OF BEAM (BETWEEN SUPPORT) (M ) =26
EFFECTIVE LATERALLY UNSUPPORTED LENGTH (M ) =26

STEEL BEAM SIZE (TRIAL SECTION) I8 ( DxBxkg/m >=? 610x305 UB 149
BEAM MOMENT OF INERTIA Ix (cm™4) =? 125000

BEAM PLASTIC MODULUS Sx  (cm"3) =? 4570

BEAM RADIUS OF GYRATION (MINOR AXIS) Ry ( cm ) =? 6.99
D

ACTUAL DEPTH OF BEAM SECTION C mm ) =? 609.6
BEAM FLANGE THICKNESS TE C am ) =? 19.7
BEAM WEB THICKNESS tw C mm ) =? 11.9

ACTUAL VALUE OF BUCKLING PARAMETER (DEFAULT=0.9) =? .886
YIELD STRESS OF STEEL MATERIAL USED Py (N/mm2) =? 265

The complete results from the computer run are given below:

RUN

KRR RRK KRR AIA AR KR AR LK KK KKK AR KRR RN K KAK KRk A KK KAk
*  LIMIT STATE DESIGN OF ROLLED STEEL BEAMS *
* ¢ TO B.S. 5950, 1985 ) *
ARKRIHERAKIKRRRRKKRARRIKK KRR KKK ERK KK AR KKK KKK AKX

SPAN LENGTH OF BEAM BETWEEN SUPPORTS Ls
LATERALLY UNSUPPORTED LENGTH OF BEAM Le

6.000 ¢ M )
6.000 ¢ M

SPAN ULTIMATE DISTRIBUTED LOAD Wu = +122.00 (KN/M)
SPAN ULTIMATE CONCENTRATED LOAD Pu = +220.0 ¢ KN
MAXIMUM DESIGN MOMENT ON BEAM Mmax= +879.00 (KN-M)
MAXIMUM DESIGN SHEAR ON BEAM Vu = +476.0 ¢ KN )

BEAM SECTION MOMENT OF INERTIA Ix = 125000 (cm*4)
BEAM SECTION PLASTIC MODULUS Sx = 4570 (cm*3)
BEAM RADIUS OF GYRATION (MINOR AXIS) Ry = 6.99 ( cm )
OVERALL DEPTH OF BEAM SECTION D = 609.60 ( =m )
BEAM FLANGE THICKNESS Tf = 19.70 ¢ am )
BEAM WEB THICKNESS tw = 11.90 ¢ am )
BEAM SECTION RATID OF < D/T ) X = 30.94

RESULTS OF TRIAL SECTION DESIGN

SE=E===ZSTSSSSSISSS=Sxr3ssTIcSczasoszsmsc==========

EQUIVALENT SLENDERNESS RATIO LAMDA(LT)= 63.28

MAXIMUN DESIGN BEAM BENDING MOMENT Mmax= +879.0 (KN-M)
COMPUTED BENDING STRENGTH Pb = +199.9 (N/am2)
ULTIMATE SECTION MOMENT CAPACITY Mb = +913.3 (KN-M)
BENDING MOMENT STRESS RATIO Mmax/Mb = 0.96
MAXIMUM SHEAR FORCE ON BEAM Vu = 476.00 ¢ KN )
ULTIMATE SHEAR CAPACITY OF BEAM Pv = 1153.42 ( KN
DEFLECTION DUE TO IMPOSED ON BEAM DL = 4.15 C amn )
MAXIMUM ALLOWABLE DEFLECTION (L/360) Dm = 16.67 ¢ mm )

FOR BENDING : MOMENT CAPACITY OF TRIAL SECTION IS ADEQUATE
FOR SHEAR SHEAR CAPACITY OF TRIAL SECTION IS ADEQUATE
DEFLECTION BEAM IMPOSED LOAD DEFLECTION IS WITHIN LIMIT

- REMARK - : ANALYSIS SHOWS THAT TRIAL SECTION IS ADEQUATE

RSN EIIINFCCE TR R EERRF ISR NIENEEESEEEREIRESCIECRITERMNR



326 Microcomputer applications
11.5 Column design program
11.5.1 Program discussion

Column design using hot-rolled sections is considered in this program. The

three possible cases for bending actions that can occur at the column ends are
included. These are:

Type (1)—Uniaxial bending about major axis.
Type (2)—Uniaxial bending about minor axis.
Type (3)—Biaxial bending.

In all cases axial compression, taken as positive, is present. The sign conven-
tion for the moments at the top and bottom ends of the column is positive for
clockwise applied moments and negative for anti-clockwise moments.

Hot-rolled I or H plastic, compact or semi-compact sections can be used.
The appropriate column curve is selected by inputting the Robertson constant

> which depends on the section and axis of buckling. This is used in the
subroutine, ‘PC’ for computing the compressive strength p.. Two local capac-
ity checks at the top and bottom of the column and an overall buckling check
are made. In the last check, computed equivalent moments are used.

11.5.2 Program “S-COLUMN’ source listing

100 CLS :REM LIMIT STATE DESIGN OF ROLLED STEEL COLUMNS
110 PRINT “XAXXAAXARARARAKKAKKKREXAKAAKKAKXAAKRKKAKKAKKKAKKNK "
120 PRINT “x LIMIT STATE DESIGN OF ROLLED STEEL COLUMNS **

130 PRINT °x ¢ TGO B.S. 5950, 1985 ) *x*

140 PRINT “"AXARARKKARKKKXRRKAARKAKERXARKIRKKKKKRRKARKKKKRKK KK "

150 PRINT

160 PRINT ‘TYPE OF COLUMN DESIGN CONSIDERED HERE ~

170 PRINT "-e-emcemevemmmc e e r e mc—tereccsemmmoo oo —————o— o -
180 PRINT

190 PRINT “TYPE (1) - AXIAL LOAD & BENDING ABOUT MAJOR AXIS5*

200 PRINT

210 PRINT "TYPE (2) - AXIAL LOAD & BENDING ABOUT MINOR AXIS*

220 PRINT

230 PRINT "TYPE (3) - AXIAL LOAD & BIAXIAL BENDING OF COLUMN®

240 PRINT

250 PRINT "=eecrmmrememeeemm e ccreccmese oo oo oo —sosc-oSSsssmsssoes -
260 PRINT

270 INPUT "YOUR CHOICE OF STEEL COLUMN DESIGN =";CHOICE

280 CLS :PRINT

290 INPUT "ULTIMATE AXIAL LOAD ON COLUMN Fu C KN ) =";FU

300 MX1=MX2=MY1=MY2=MO=_0001

310 IF CHOICE=2 THEN 350

320 PRINT :PRINT "MAJOR AXIS ULTIMATE MOMENTS ( CLOCKWISE + )°

330 INPUT "TOP & BOTTOM MOMENTS ¢ Mux! & Mux2 ) (KN-M) =";MX1,MX2
340 IF CHOICE=1 THEN 370

350 PRINT :PRINT "MINOR AXIS ULTIMATE MOMENTS ( CLOCKWISE + >~

360 INPUT "TOP & BOTTOM MOMENTS ¢ Muyl & Muy2 > (KN-M)> =";MYLl,MY2
370 PRINT

380 PRINT “--==me---c-cmcccccm——cmccccceeommoooomao “

390 PRINT 'TRIAL STEEL COLUMN DESIGN - INPUT DATA'

400 PRINT "-~~-------cereo—coo—sscccmcsaoommoeooox

410 INPUT “MINOR AXIS, COLUMN EFFECTIVE HEIGHT LX (¢ M) =";LX
420 INPUT "MAJOR AXIS, COLUMN EFFECTIVE HEIGHT LY (¢ M ) =";LY
425 PRINT

430 PRINT "TRIAL COLUMN SECTION PROPERTIES :°

435 PRINT

440 INPUT "SERIAL SIZE OF TRIAL STEEL COLUMN SECTION =";Se
445 INPUT "SERIAL SIZE OF TRIAL STEEL COLUMN SECTION =";Ss$
450 INPUT "SECTION OVERALL DEPTH (mm) & X-AREA (ca*2) D,A =";DO,AG
460 INPUT °"THICKNESS OF FLANGE (mm) & WEB (anm) T,t =°;TF,TW
470 INPUT "RADIUS OF GYRATION (cw) Rxx & Ryy =";RX,RY
480 INPUT "PLASTIC MODULUS (ca*3) Spx & Spy =";SPX,SPY
490 INPUT "ELASTIC MODULUS ABOUT MINOR AXIS (cm*3) 2y =";2Y

500 INPUT "YIELD STRENGTH OF COLUMN MATERIAL (N/mw2) Py =";PY
510 M1=MN1 :M2=MX2



520
530
540
550
560
570
580
590
600
610
620
630
640
650
660
670
680
690
700
710
720
730
740
750
760
770
780
790
800
810
820
830
840
850
860
870
880
890
1000
1010
1020
1030
1040
1050
1060
1070
1080
1090
1100
1110
1120
1130
1140
1150
1155
1160
1170
1180
1190
1200
t210
1220
1230
1240
1250
1260
1270
1280
1290
1300
1310
1320
1330
1340
1350
1360
1370
1380
1390
1400
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GOSUB 2000

MX3=MEQV

M1=MY1 :M2=MY2

GOSUB 2000

MY3=MEQV

X0=DO/TF
LAMDX=LXx100/RX
LAMDY=LYx100/RY

U=.9

IF LAMDX>LAMDY THEN 630
LAMDI=LAMDY :GOTQ 640

LAMD1=LAMDX

GOSUB 5000

FC=FUx10/AG

MCX=SPXxPY/100Q0

MCY=SPYxPY/1000

GOSUB 3000

MB=SPXxPB/ 1000

Cl=FC/PY

C3=FC/PC

X1=ABS(MX1/MCX)

Y1=ABS(MY1/MCY)

X2=ABS(MX2/MCX)

Y2=RABS(MY2/MCY)

X3=ABS(MX3/MB)

Y3=ABS(MY3/PY/ZY%x1000)

R1=C1+X1+Y1

R2=C1+X2+Y2

R3=C3+4X3+Y3

ON CHOICE GOTO 820,830,840

T#="AXIAL LOAD & BENDING ABOUT MAJOR AXIS" :GOTO 850
T$="AXIAL LOAD & BENDING ABOUT MINOR AXIS" :GOTO 850
T$#="AXIAL LOAD & BIAXIAL BENDING ABOUT BOTH AXES"

PRINT “#k%kdkkdk AR KARKRKRIKKRKRKKKRKRERKRIKEKKRAK KR KKK K™
PRINT “x LIMIT STATE DESIGN OF ROLLED STEEL COLUMN **
PRINT “x ¢ TO B.S. 5950, 1985 ) **
PRINT " A dkdd kb X kKRR A KA A KRR A KRR R KKK AR KRR KA AR A AR kA"
PRINT

PRINT "TITLE : "; :PRINT T

BRINT s oo o o e e L -

PRINT

PRINT “DESIGN DATA FOR STEEL COLUMN AS FOLLOWS

PRINT '======:=============::======:====:::=======:=====:=:=::=="

PRINT USING"ULT. COLUMN AXIAL COMPRESSIVE LOAD Fu = #¥N&. %% C KN >";FU
PRINT USING-"MAJOR AXIS ULTIMATE MOMENT (TOP) Muxl =+¥888%_ %8 (KN-M)“;MX1
PRINT USING" - do - MOMENT (BOTTOM) Mux2 =+#MN¥.#%# (XN-M)";NX2
PRINT USING-MINOR AXIS ULTIMATE MOMENT (TOP) Muyl =+M888_#8 (KN-M)";NY1
PRINT USING~ ~ do - MOMENT C(BOTTOM) Muy2 =+####.48% (KN-M)";MY2
PRINT

PRINT USING"MAJOR AXIS COLUMN EFFECTIVE HEIGHT LY = ##an.a»

PRINT USING"MINOR AXIS COLUMN EFFECTIVE HEIGHT LY HURE W
PRINT

PRINT “TRIAL COLUMN SECTION PROPERTIES INPUT :°*

PRINT " - - oo e e e e el "

PRINT "SERIAL SIZE OF SECTION : -;Ss

PRINT USING-"SECTION OVERALL DEPTH o) = NRRER. N
PRINT USING"SECTION GROSS X-AREA Rg = Hawxw ¥
PRINT USING"THICKNESS OF FLANGE T = RNERK. ¥
PRINT USING"THICKNESS OF WEB t = RNRAR . B
PRINT USING-RADIUS OF GYRATION Rxx = MWNNN.#
PRINT USING"RADIUS OF GYRATION Ryy = #a¥#K.#
PRINT USING~"PLASTIC MODULUS ABOUT MAJOR AXIS Spx = #MNNN. R
PRINT USING"PLASTIC MODULUS ABOUT MINOR AXIS Spy = ¥#NEK. &
PRINT USING"ELASTIC MODULUS ABOUT MINOR AXIS Zy = KNRRE.»
PRINT USING"YIELD STRENGTH OF COLUMN MATERIAL Py = #a¥unn.n
PRINT "= oo o o o e e el
PRINT

PRINT °"STEEL COLUMN MEMBER DESIGN

USING“VALUE OF (FC) = +MN##. N8
PRINT USING~ AND  (PC) = +NNAN MR
PRINT USING"VALUE OF (MCX) = +N##¥.##
PRINT USING~ AND  (MCY) = +NNNN. B8

PRINT USING"VALUE OF (MeqX)= +R¥¥N. 4N
PRINT USING* AND (MeqY)= +HNAN. &N ";MY3

PRINT USING"VALUE OF (MB) = +#¥##.%# “;MB
PRINT

PRINT *STRESS RATIOS COMPUTED AS FOLLOWS :°
PRINT ™o ll -;

¢ M)";LX
¢ MLy

C mm )";D0
(cm*2)";AG
< mm )°;TF
C mm )°;TW
¢ cm )";RK
( cm )";RY
(cm~3>";SPX
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1410 PRINT
1420 PRINT
1430 PRINT
1440 PRINT
1450 PRINT
1460 PRINT
1470 PRINT
1480 PRINT
1490 PRINT
1500 PRINT
1510 PRINT
1520 PRINT
1530 PRINT
1540 PRINT
1550 PRINT
1560 PRINT
1570 END

2000 REM SU
2010 BETA=-
2020 IF BET
2030 MBETA=
2040 MBETA=
2050 PRINT
2060 IF Mi¢
2070 MEQV=M
2080 MEQV=M

USING"RATIO OF FC/PY (C1) = +848. 404 ";C1H
USING"RATIO QF FC/PC (C3} = +hUN. 08 "3C3
USING"RATIO OF MX1/MCX (x1) = +RNE. 00 X1
USING RATIO OF HY1/MCY (Yt} = +REN . BNE " Y]
USING"RATIO OF MX2/MCX (x2) = +UNE. #40 °XN2
USING RATIO OF NY2/MCY (yz) = L0808 ";Y2
USING"RATIO OF MeqvX/MB (X3) = +R8N . B0R " X3
USING“RATIO OF MeqvY/(PyxZy) [(Y3) = +R88_B80 °;Y3

"LOCAL CAPACITY CHECK"
USING® AT TOP OF COLUMN, STRESS RATIO = +###. 488 “;RI
USING" AT BOTTOM OF COLUMN, STRESS RATIO = +NN¥.N8N ";R2

USING"OVERALL BUCKLING CHECK, STRESS RATIO = +###.#8% ";R3

BROUTINE TO COMPUTE MEQV (REQ. M1,M2)
(M2+.0000001)/(M1+.0000001)>

A>.5 THEN 2040

.43 :GOTO 2060

.57+.33%BETA+. 1xBETA~2

O! THEN 2080
BETAxM1+MO :GOTO 2120
BETAXM1

2090 M3= Mix(L1+BETA)/2

2100 IF (AB
2110 MEQV=M
2120 RETURN

3000 REM SU
3010 LAMDO=
3020 V=(1+.
3030 LAMOLT
3040 IF (LA
3050 PB=PY

3060 NLT=.0
3070 RHOE=(
3080 PHIO=.
3090 PB=(PY
3100 RETURN

5000 REM SU
5010 PI=3.1
5020 LAMDOC
5030 A=5.5

5040 IF LAM
5050 PC=PY

5060 NC=.00
5070 PE=PI~
5080 PHIC=¢
5090 PC=PEx
5100 RETURN

S(MEQV)>ABS(M3)) THEN 2120
3

BROUTINE TO COMPUTE PB

. 4%xSQR(PI~2xE/PY)
OSx(LANDL/X0)X~2)~(-.25)
=UxVxLAMD1

MDLT>LAMDO) THEN 3060

:GOTO 3100

07x (LAMDLT-LAMDO)
PI~2xE/PY)/LAMDLT"2
S%x(1+(NLT+1)%RHOE)

*RHOE) /(PHIO+SQR(PHIO~2-RHOE))

BROUTINE TO COMPUTE PC
416 :E=206000!
=.2%xSQR(PI*2xE/PY)

D1>LAMDOC THEN 5060

:GOTO 5100
1xAx(LAMD1-LAMDOC)
2xE/LAND172
PY+(NC+1)xPE)/2
PY/C(PHIC+SQR(PHIC~2-PEXPY))

11.5.3 Program “S-COLUMN?” statements and functions

The source listing of the column design programme is given in Section 11.5.2.
The various program statements and their corresponding functions are ex-

plained below:
Statements Functions
100- 50 Clear screen and display title.
160- 280 Display options menu and input “Choice”” of column
type.
290- 370 Input axial load and all respective values of end moments.
380~ 500 Input properties of the trial section for column design.
510- 570 Call Subroutine ‘MEQV’ to compute equivalent mo-
ments for major and minor axes.
580- 640 Determine critical slenderness ratio and call Subroutine

‘PC’ to calculate the compressive resistance p..
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650- 690 Compute F,, Mcx, Mcy. Call Subroutine ‘PB’ for bending
strength p, and compute buckling resistance moment
capacity M,.
700- 800 Compute strength ratios.
810-1020 Select and print title.
1030-1270 Print out all input data.
1280-1370 Print out various strength values for the trial stanchion
section.
1380-1560 Print out in detail all the strength ratios and interaction

criteria for the local capacity and overall buckling checks.
1570 End.

2000-2130 Subroutine ‘MEQV’.
3000-3100 Subroutine ‘PB’.
5000-5100 Subroutine ‘PC’.

11.5.4 Sample run of the column design programme

The design of a column subjected to biaxial bending is given as an example to
show the use of the design program. The column height and the values of axial
load and bending moments at the ends are shown in Figure 11.5. The moments
M., and M, at the top and bottom ends produce double curvature bending
about the major axis. The minor axis is in single curvature bending due to
moments M,,; and M,,,. The sign convention for moment is positive in the
clockwise direction.

Allinput data are prepared from Figure 11.5, where the loads and moments
are factored ultimate values. The complete output results are given below,
which include the various values of compressive strength, bending strength,
relevant strength ratios and interaction criteria for each case checked. The
reader may wish to verify the results by manual calculation.

Pu = 750kN
=15kN-
55kN-m Moy =1SkN-m
Y\ X
/ / Mux, =S5kN-m
L |

€
S5 kN-m ° - Trial section
"
Moment about > 203x 203 UC 86
major (xx) axis "
=

15kN-m L/
;7 Muyz= -1SkN-m

Mux, = 55kN-m
Pu

1SkN-m

Moment about minor{ yy) axis

Figwre 11.5 Exampie of column design
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RUN

AXAKRRKKKKRKRRAKARKKAARRKX KR RAKKRRKAK XK R RK KKK KK
%  LIMIT STATE DESIGN OF ROLLED STEEL COLUMN  x
* ¢ TO B.S. 5950, 1985 ) *
KARKKKKKRKARKARRRARKKKARRKAXKRKKARKAKENXKRKARKARK

TITLE : AXIAL LOAD & BIAXIAL BENDING ABOUT BOTH AXES

DESIGN DATA FOR STEEL COLUMN AS FOLLOWS :

AR EEXIIEEIE IR I IR RN NE ARSI REEENSNEESEREEREEESEREEE
ULT. COLUMN AXIAL COMPRESSIVE LOAD Fu = 7%50.00 ¢ KN )
MAJOR AXIS ULTIMATE MOMENT (TOP) Mux1 +55.00 (KN-M)

=
- do -~ MOMENT (BOTTOM) Mux2 = +55.00 (KN-M)
MINOR AXIS ULTIMATE MOMENT (TOP) Muyl = +15.00 (KN-M)
- do - MOMENT (BOTTOM) Muy2 = -15.00 (KN-N)

L]

MAJOR AXIS COLUMN EFFECTIVE HEIGHT LX 6.00 ¢ M)
MINOR AXIS COLUMN EFFECTIVE HEIGHT LY = 6.00 ¢ M)

TRIAL COLUMN SECTION PROPERTIES INPUT :
SERIAL SIZE OF SECTION : 203 x 203 UB 8§
D

SECTION OVERALL DEPTH 209.0 C mn )

SECTION GROSS X-AREA Ag 110.0 (cm"2)
THICKNESS OF FLANGE T 20.5 ¢ am )
THICKNESS OF WEB t 10.2 ¢ am )
RADIUS OF GYRATION Rxx 9.3 C(cm )
RADIUS OF GYRATION Ryy Ccm)

979.0 (ca™3)
456.0 (cm*3)

PLASTIC MODULUS ABOUT MAJOR AXIS Spx
PLASTIC MODULUS ABOUT MINOR AXIS Spy

LI IR T T I O ]
«\
w

ELASTIC MODULUS ABOUT MINOR AXIS 2y 299.0 (cat3)
YIELD STRENGTH OF COLUMN MATERIAL Py 265.0 (N/mn2)
STEEL COLUMN MEMBER DESIGN = OUTPUT RESULTS -~

SIS TSCEErsSE=s2sss-EETETSSEECCEEICCCSSITC I naxEEasEEEEEET
VALUE OF (FC) = +68.18 AND (PC) = +104.94

VALUE OF (MCX) = +259.44 AND (MCY) = +120.8B4

VALUE OF (MeqX)= +23.65 AND (MeqY)= +15.00

VALUE OF (MB) = +198.29

STRESS RATIOS COMPUTED AS FOLLOWS :

RATIO OF FC/PY (ct? = +0.257
RATIO OF FC/PC (C3) = +0.650
RATIO OF MX1/MCX (X1) = +0.212
RATIO QF MY1/MCY Yyl = +0.124
RATIO OF MX2/MCX (X2) = +0.212
RATIO OF MY2/MCY (Y2} = +0.124
RATIO OF MeqvX/MB [Xx3) = +0.119
RATIO OF MeqvY/(PyxZy) (Y3} = +0.189

LOCAL CAPACITY CHECK

AT TOP OF COLUMN, STRESS RATIO = +0.593
AT BOTTOM OF COLUMN, STRESS RATIO = +0.%93

OVERALL BUCKLING CHECK, STRESS RATIO = +0.958

Ok

11.6 Column-base design program

11.6.1 Program discussion

Three load cases for rectangular bases are considered in this program. They
are:

Type (1)—Axially loaded rectangular column bases.

Type (2)—Eccentrically loaded column bases with no tension in the
holding-down bolts.

Type (3)—Eccentrically loaded column bases with tension in the holding-
down bolts
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11.6.2 Program “C-BASE” source listing

100
110
120
130
140
150
160
170
180
190
200
210
220
230
240
250
260
270
280
290
300
310
320
330
340
350
360
370
380
390
400
410
420
430
440
450
460
470
480
490
500
510
520
530
540
550
560
570
580
590
600
610
620
630
640
650
660
670
680
690
700
710

1000 CLS :REM ECCENTRICALLY LOADED RECTANGULAR COLUMN BASE

CcLs :REM COLUMN BASE DESIGN

PRINT kA kA A kAR A XA KRR ALK RN A R AR AKX IR KK ™

PRINT “x COLUMN BASE DESIGN TO B.S. 5950 x"

PRINT “kiskkhd sk x kA ek A Ak AR AR AR KA KRR KR AR A K"

PRINT :PRINT

PRINT "3 TYPE OF COLUMN BASES CONSIDERED HERE -

PRINT " - -m - oo omm o e e el -
PRINT

PRINT "TYPE (1) - AXIALLY LOADED RECTANGULAR COLUMN BASE"

PRINT °"TYPE (2> - ECCENTRICALLY LOADED RECTANGULAR COLUMN BASE"

PRINT * ° ( HOLDING-DOWN BOLTS UNDER TENSION )~
PRINT * ° ¢ HOLDING-DOWN BOLTS NOT UNDER TENSION )>*
PRINT mmo s o o e e e e e e “
PRINT

INPUT “YOQUR CHOICE OF COLUMN BASE";CHOICE

PRINT

INPUT “REFERENCE TITLE ( <40 CHARACTERS )";Ts

PRINT :CLS

ON CHOICE GOTO 300, 1000

PRINT

PRINT "ss=====zcz=czxcoczcs===c=asssxsze==z=c

PRINT °# AXIALLY LOADED - RECTANGULAR COLUMN BASE

PRINT

INPUT “REQUIREMENT ? ( 1 = CHECKING, 2 = DESIGN PLATE SIZE )“;REQ
PRINT

IF REQ<)>1 THEN 380

INPUT “BASE PLATE OVERALL LENGTH & WIDTH D, B ¢ ma ) =";LP,BP

INPUT “COLUMN EFFECTIVE SIZE d, b ¢ mm ) =7";D2,B2
IF REQ=1 THEN 410
INPUT "BASE PLATE INTENDED ASPECT RATIO R = B/L =";R

INPUT "AXIALLY APPLIED DEAD LOAD ON BASE Pg C( KN ) =°;PG
INPUT "AXIALLY APPLIED LIVE LOAD ON BASE PK ¢ KN )
INPUT "CONCRETE BASE CUBE STRENGTH AT 28 DAYS (N/mm2)=
INPUT "MATERIAL STRENGTH OF STEEL PLATE Pyg (N/mm2)=";PYG
REM PRINT

FB=.4xFCU

PU=1.4xPG+1.6%PK

IF REQ=1 THEN 550

L=(PUxt000/R/FB>~.5 :B=RxL

TEMPL=L/100 :TEMPB=B/100

TEMPL=TEMPL+.99

TEMPB=TEMPB+.99

LP=INTC(TEMPL) %100

BP=INT(TEMPB) %100

WU=(PU%1000) /(LP*xBP)

AAP=(LP-D2)/2 :BBP=(BP-B2)/2

IF AAPCBEP THEN 590

AT=AAP :BT=BBP :GOTD 600

AT=BBP :BT=RAAP

TH=(2.5%WUx(AT~2-,3xBT~2) /PYG)>~.5

RP=BP/LP

GOSUB 2000

PRINT focmcmmm oo e N
PRINT “# RECTANGULAR COLUMN BASE PLATE ~ RESULTS - L
PRINT "=z==zscsc==z=====xs==s=s=sz=zzzzzzz=

PRINT

PRINT USING"MINIMUM THICKNESS OF PLATE T = #4.#8%8 C mnmn ) ";TH
PRINT USING"LIMITING CONC. BEARING PRESSURE Fb= #N#.#%¥ (N/mm2)";FB
PRINT USING"ACTUAL CONCRETE BEARING PRESSURE Wu= W##.## (N/mm2)°;WU
PRINT “--m oo mm e e e ceccmmcecccmecc oo -

END

1010 PRINT ®"=====zsszc=cs====s===sczsssszz==az-=zzxassssxzscszsmz="
1020 PRINT "# ECCENTRICALLY LOADED RECTANGULAR COLUMN BASE #°
1030 PRINT “=zz===zs=c==z=sz=szxssccrccecasocacsszssesxssazsssss”
1040 PRINT

1050 INPUT "BASE PLATE OVERALL LENGTH AND WIDTH D,B ¢ ma ) =*;D,B
1060 INPUT “COLUMN EFFECTIVE SIZE d,b ( mm ) =";D2,B2
1070 INPUT “AXIALLY APPLIED DEAD LOAD ON BASE Pg (¢ KN > =";PG
1080 INPUT "AXIALLY APPLIED LIVE LOAD ON BASE Pk ¢ KN ) =";PK
1090 INPUT "ECCENTRICITY OF ALL APPLIED LOADS Ec ( mm ) =";EC
1100 INPUT "HORIZONTAL IMPOSED SHEAR FORCE Hs ( mm ) =";HS
1110 INPUT “CONCRETE BASE CUBE STRENGTH AT 28 DAYS (N/mm2)=";FCU
1120 INPUT "HOLDING-DOWN BOLTS TENSILE AREA As  ( mm"2)=";A1
1130 INPUT “BOLT DIAMETER & EDGE DISTANCE Do,a ¢ mm ) =";DD,A2
1140 INPUT "BOLT TYPE ( !=GRADE 4.6, 2=GRADE 8.8 ) =" ; TYPE

1150 INPUT "MATERIAL STRENGTH OF STEEL PLATE Pyg (N/mm2)=";PYG

331
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1160 PU=1.4%PG+1.6xPK
1170 MU=PUXEC/1000

1180 HU=1.6%HS

1190 FB=.4*FCU :N1<=15 :RP=B/D
1200 [F TYPE=2 THEN 1230

1210 IF TYPE<>1 THEN 1240

1220 PS=160 :PT=195 :PBB=435 :GOTO 1250
1230 PS=375 :PT=450 :PBR=970 :GOTO 1250
1240 INPUT "STRENGTH VALUES FOR BOLTS USED Ps, Pt, Pbb =";PS,PT,PBB
1250 D1=D-A2

1260 D6=D1/6

1270 IF (EC-A2/2)>D6 THEN 1390
1280 T=0! :R1=0! :R2=01 :R3=01
1290 XN=3x(D/2-EC)

1300 FC1=PUx1000/(BxD)

1310 FC2=MUx6000000!/(BxD"2)
1320 FC=FC1+FC2

1330 FCO=FCi-FC2

1340 IF XN<D THEN 1630

1350 XN=Dx(1+FC1/FC2)

1360 IF ANC10000 THEN 1630

1370 XN=10000

1380 GOTO 1630

1390 K1=EC-D/2

1400 K2=D/2-A2+EC

1410 K3=6xN1xA1%xK2/B

1420 A0=3xK1

1430 BO=K3

1440 CO=-(K3xD1)

1450 REM SOLVE CUBIC EQUATION
1460 PX=BO/3-R0~2/9

1470 QX=CO-AOXBO/3+2%A0~3/27
1480 QO=3%PX

1490 RO=QX

1500 Y0=50+A0/3

1510 Y1=(=(QO%YO+R0))~(1/3)
1520 IF ABS(Y1-YO)<! THEN 1540
1530 YO=Y! :GOTO 1510

1540 XN=Y1-AO/3

1550 DN=XN

1560 T=PUx(DN+A0)/(3%xD1-DN)
1570 FC=2%(PU+T)%1000/B/DN

1580 FQ=HUX1000/(2*A1/.8)

1590 FT=T%1000/A1

1600 R1=F@/PS

1610 R2=FT/PT

1620 R3=R}+R2

1630 WU=FC :LP=D :BP=B

1640 GOSUB 2000

1650 PRINT

1660 PRINT USINGECCENTRICITY OF APPLIED LOAD Ec = #8#a#4 C mm ) ";EC
1670 PRINT USING ULTIMATE MOMENT PuxEc = N#MRERE (KN-M) °;MU
1680 PRINT USING"ULTIMATE HORIZONTAL SHEAR Hu = ##8.%8 C KN ) “;HU
1690 PRINT USING®TOTAL HOLDING-DOWN BOLT AREA As = SEAERE (mm*2) °;Al
1700 PRINT USING"HOLDING-DOWN BOLT DIAMETER DA = #&4N48 C mm ) ;DD
1710 PRINT USING"BOLT TYPE (1=GRADE 4.6,2=GRADE 8.8)= ##NASN¥ (TYPE) °;TYPE
1720 PRINT USING"EDGE DISTANCE OF BOLT CENTRE a = #44#R8 ( mm ) “;A2
1730 PRINT

1740 PRINT “=c-scesccccmcmccm e et e e e c e cm e cc e e -

1750 PRINT “# RECTANGULAR COLUMN BASE PLATE : - RESULTS - L

1760 PRINT “==*®==========s==F"=T==CC=TCCSCSCCSETIIESEIESEZTT=zxc”

1770 PRINT

1780 PRINT USING “NEUTRAL AXIS DISTANCE Xn = #888.8 C mmn ) ";XN

1790 PRINT USING “MAX. HOLDING-DOWN BOLT TENSION Tb =+MW#N##.# ( KN ) ;T
1800 PRINT USING"LIMITING CONC. BEARING PRESSURE Fb = M¥¥.#¥ (N/an2)";FB
1810 PRINT USING “MAXIMUM CONCRETE PRESSURE Fc = #¥#8.# (N/mm2)";FC
1820 PRINT USING “ROLT; STRESS/STRENGTH RATIO Fs/Ps =+#888.48°;R1

1830 PRINT USING "BOLT; STRESS/STRENGTH RATIO Ft/Pt =+NNNE.#8";R2

1840 PRINT USING "COMBINED STRESS/STRENGTH RATIO =+##N#.¥#°;R3

1850 PRINT

1860 PRINT "BASE PLATE MIN. THICKNESS®

1870 PRINT “---c---ecemceccm e c e c et e ©

1880 C2=.5x(D-D2)

1890 FC4=FCx(XN-C2)/XN

1900 FCS5=FC-FC4

1910 M2=_5xFC4xC2°2+4FC5xC2~2/3

1920 T2=SQR(6xM2/PYG)

1930 QCR=.6%PYC

1940 T3=(FC4xC2+.5%xFC5xC2)/QCR

1950 PRINT USING “PLATE MAX. MOMENT Mn = #888.# (KN-M/H)";NM2/1000
1960 PRINT USING “MIN. PLATE THICKNESS (BENDING) = RER.BR C am ) ;T2
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1970 PRINT USING “MIN. PLATE THICKNESS (SHEAR ) = #8484 ( mm ) ;T3

1980 PRINT "==zcszscussssrcrarssIXTIcIRCCRIISSIRRRTSREIRRAT==Tx"

1990 END

2000 CLS :REM SUBROUTINE TO PRINT COMMON DATA

2010 PRINT “REFERENCE TITLE : "; :PRINT T#

2020 PRINT

2030 PRINT "----=se-e-c-ococce o remerrectmc e mcc oo -

2040 PRINT “# RECTANGULAR COLUMN BASE PLATE - INPUT - "

2050 PRINT "=====z===x=====s====sz=zs=s====ss=sx==xSSF=ss=sxs===s==="

2060 PRINT

2070 PRINT USING"BASE PLATE OVERALL LENGTH L = #sssux ( mm ) °;LP

2080 PRINT USING“BASE PLATE OVERALL WIDTH B = ##nans ( nan ) °;BP

2090 PRINT USING“BASE PLATE ASPECT RATIO R = ###_#8°;RP

2100 PRINT USING°COLUMN EFFECTIVE DEPTH d = HENRNR ( am > ";D2

2110 PRINT USING*“COLUMN EFFECTIVE WIDTH b = ##ssex ( mam ) ";B2

2120 PRINT USING°AXIALLY APPLIED ULTIMATE LOAD Pu= ###das ¢ KN > “;PU

2130 PRINT USING"CONCRETE 28 DAYS CUBE STRENGTH Fcu= ###.## (N/mm2)";FCU
2140 PRINT USING"MATERIAL STRENGTH, STEEL PLATE Pyp= ###.## (N/mm2)";PYGC

2150 PRINT
2160 RETURN

11.6.3 Program “C-BASE” statements and functions

The source listing of the column base design programme is given in Section
11.6.2. The program statements and functions are explained as follows:

Statements

100- 140
150- 260

270- 290
300- 450
460- 500
510- 540
550- 610
620

630- 710
1000-1150
1160-1240

1250-1440

1450-1630

1640

1650-1730
1740-1990
2000-2160

Functions

Clear screen and display title.

Display menu of column base design, input ““Choice” and
reference title.

Clear screen and route selected choice to the appropriate
location.

For an axially loaded stanchion base, input the necessary
data.

Computation of plate length L and breadth B.

Round off plate size to the upper 100 mm.

Compute bearing stress and the required minimum base
plate thickness.

Call Subroutine to print out the common input data.
Print all output results and end.

For an eccentrically loaded stanchion base, input all the
required data.

Calculation of P,, M,, H, and select strength value for the
bolt type to be used.

Determine the neutral axis location; if outside the base
then compute stresses for the case of no tension in
holding-down bolts.

If neutral axis is inside the base, set up cubic equation for
the tension case and determine all the values of stresses.
Call Subroutine to print out the common input data.
Print out remaining input data.

Output all computed results and end.

Subroutine to print out common input data.

11.6.4 Sample run of the column base design program

As an example to show program execution, an eccentrically loaded column
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base with tension in the holding-down bolts (type) 3 is chosen. The detailed
arrangement is shown in Figure 11.6 with the material strengths indicated.
The applied loads are as follows:

(1) Vertical dead and imposed loads, each =152kN
(2) Eccentricity of applied loads =630 mm
(3) Horizontal imposed shear force at the base =10kN
P=Pg+Pk
T
M=Pxe,
L=T80 .
| ﬁ_ r 3630 boits —I
e 7 Tﬁ ‘ . /

_—t a L s{el plate 8

500

Tl i

[~ T RELM
lTension in bolts N g{ _;l GL

- g9y - Fw = 25N/mm?
Py = 245 N/mm?
As  =1683 mm?
a) base elevation Grade 45 bolts
b) tase plan

Figure 11.6 Example of column base design

The input data for a sample column base design are prepared and fed into the
program. The output results include the neutral axis distance, X, the holding-
down bolt tension T, the maximum applied bearing pressure F, and the stress
in the bolts. The complete computer output is given below:

RUN
ot de ok Rk ok ok ok ok kR KK Kk kKK ok 3k ok ok ok Kok Rk ok sk k ok
*x COLUMN BASE DESIGN TO B.S. 5950 X

AEKKKAKAKKXNREKRRIKKARR LA AR KKK K HK KAk kA k%

3 TYPE OF COLUMN BASES CONSIDERED HERE

TYPE (t)
TYPE (2)

~ AXIALLY LOADED RECTANGULAR COLUMN BASE

- ECCENTRICALLY LOADED RECTANGULAR COLUMN BASE
o ¢ HOLDING-DOWN BOLTS UNDER TENSION )

-] ¢ HOLDING-DOWN BOLTS NOT UNDER TENSION )

YOUR CHOICE OF COLUMN BASE? 2
REFERENCE TITLE ( <40 CHARACTERS )? COLUMN BASE EXAMPLE

# ECCENTRICALLY LOADED RECTANGULAR COLUMN BASE #

IR EIE I CEERE KRR FERNEECSISSSSCSCSCIIISEES=sassss=
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BASE PLATE OVERALL LENGTH AND WIDTH D,B ( mm ) =? 750,500
COLUMN EFFFCTIVE SIZE d,b ( ma ) =? 340,314
AXTALLY APPLIED DEAD LOAD ON BASE Pg ( KN ) =? 152
AXIALLY APPLIED LIVE LOAD ON BASE Pk ¢ KN > =7 152
ECCENTRICITY OF ALL APPLIED LOADS Ec ¢ mm ) =? 6§30
HORIZONTAL IMPOSED SHEAR FORCE Hs C mam ) =? 10
CONCRETE BASE CUBE STRENGTH AT 28 DAYS (N/mm2)=? 25
HOLDING-DOWN BOLTS TENSILE AREA As  ( mam*2)=7? 1683
BOLT DIAMETER & EDGE DISTANCE Do,a ¢ mm ) =? 30,60
BOLT TYPE ( 1=GRADE 4.6, 2=GRADE 8.8 ) =? 1

MATERIAL STRENGTH OF STEEL PLATE Pyg (N/mm2)=? 245

# RECTANGULAR COLUMN BASE PLATE : - INPUT - L]
SE S EXETEEEX=ITSEETSC=szaczooICcZzzsssxascrmsaczoaxa
BASE PLATE OVERALL LENGTH L = 750 ¢ mam )
BASE PLATE OVERALL WIDTH B = 500 ¢ mm )
BASE PLATE ASPECT RATIO R = 0.67

COLUMN EFFECTIVE DEPTH qa = 340 ¢ mn )
COLUMN EFFECTIVE WIDTH b = 314 ¢ mm )

AXIALLY APPLIED ULTIMATE LOAD Pu= 456 ¢ KN )
CONCRETE 28 DAYS CUBE STRENGTH Fcu= 25.00 (N/mm2)
MATERIAL STRENGTH, STEEL PLATE Pyp= 245.00 (N/mm2)

ECCENTRICITY OF APPLIED LOAD Ec = €30 ¢ mm )
ULTIMATE MOMENT PuxEc = 287 (KN-M)
ULTIMATE HORIZONTAL SHEAR Hu = 16.00 ¢ KN )
TOTAL HOLDING-DOWN BOLT AREA As = 1683 (mn*2)
HOLDING-DOWN BOLT DIAMETER Dd = 30 ¢ am )
BOLT TYPE (1=GRADE 4.6,2=GRADE 8.8)= 1 (TYPE)
EDGE DISTANCE OF BOLT CENTRE a = 60 ¢ mm )
# RECTANGULAR COLUMN BASE PLATE : - RESULTS - L]
SEE==ss==csorsTSSsszasss=rzsxTESSoscszasszssszacczae
NEUTRAL AXIS DISTANCE Xn 315.2 ¢ mn )

MAX. HOLDING-DOWN BOLT TENSION Tb
LIMITING CONC. BEARING PRESSURE Fb
MAXIMUM CONCRETE PRESSURE Fec

+280.7 ¢ KN
10.00 (N/mm2)
9.3 (N/mm2)

BOLT; STRESS/STRENGTH RATIO Fs/Ps = +0.02
BOLT; STRESS/STRENGTH RATIO Ft/Pt = +0.86
COMBINED STRESS/STRENGTH RATIO = +0.88

BASE PLATE MIN. THICKNESS

PLATE MAX. MOMENT Mm = 153.9 (XKN-M/M)
MIN. PLATE THICKNESS (BENDING) = 61.39 ( an)
MIN. PLATE THICKNESS (SHEAR ) = 8.80 ( ma )
F=FSSSTcoozzmms=ssozsczszcamxzzozrorzcessEs=ssszosz

(014

11.7 Computer programs disclaimer

The inclusion of the above computer programs is for the convenience of
readers. Because of the diversity of conditions and hardware under which
these programs may be used, neither the publisher nor the author provide
warranty for their use to solve design problems. The user is advised to test the
programs throughly before relying on them.



12
Steelwork detailing

12.1 Drawings

Drawings are the means by which the requirements of architects and engineers
are communicated to the fabricators and erectors, and must be presented in an
acceptable way. Detailing is given for selected structural elements.

Drawings are needed to show the layout and to describe and specify the
requirements of a building. They show the location, general arrangement and
details for fabrication and erection. They are also used for estimating quan-
tities and cost and for making material lists for ordering materials.

Sufficient information must be given on the designer’ sketches for the
draughtsman to make up the arrangement and detail drawings. A classifi-
cation of drawings is set out below:

Site or location plans

These show the location of the building in relation to other buildings, site
boundaries, streets, roads, etc.

General arrangement

This consists of plans, elevations and sections to set out the function of the
building. These show locations and leading dimensions for offices, rooms,
work areas, machinery, cranes, doors, services, etc. Materials and finishes are
specified.

Marking plans

These are the framing plans for the steel-frame building showing the location
and mark numbers for all steel members in the roof, floors and various
elevations.

Foundation plans

These show the setting out for the column bases and holding-down bolts and
should be read in conjunction with detail drawings of the foundations.
Sheeting plans

These show the arrangement of sheeting and cladding on building.

336
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Key plan

If the work is set out on various drawings, a key plan may be provided to show
the portion of work covered by the particular drawing.

Detail drawings

These show the details of structural members and give all information regard-
ing materials, sizes, welding, drilling, etc. for fabrication. The mark number of
the detail refers to the number on the marking plan.

Detail drawings and marking plans will be dealt with here.

12.2 General recommendations

12.2.1 Scales, drawing sizes and title blocks
The following scales are recommended:

Site, location, key plans 1:500

1:200
General arrangement 1:200
1:100
1:50
Marking plans 1:200
1:100
Detail drawings 1:25
1:10
1:5
Enlarged details 1:5
1:2
1:1
Firm's name
Title of drawing
2 Scales
2 Drawn Date Drawing
> Checked No.
& Approved
(aq)

o, Drawn Scales |Drawing
Firm's Titie .of Checkea No.
name drawing Approved

()

Figure 12.1 Typical title blocks
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The following drawing sizes are used:

A4 210 x 297—Sketches

A3 297 x 420—Details

A2 420 x 595—General arrangement, details
Al 594 x 841—General arrangement, details
A0 841 x 1189—General arrangement, details

Title blocks on drawings vary to suit the requirements of individual firms and
authorities. Typical title blocks are shown in Figure 12.1.

Materials lists can cither be shown on the drawing or on separate A4 size
sheets. These generally give the following information:

Item or mark number

Description

Material

Number off

Weight

Etc.

12.2.2 Lines, sections, dimensions and lettering

Recommendations regarding lines, sections and dimensions are shown in
Figure 12.2.

Thick Outline

: Dimension line
Thin {Cross-hatching

------------- Thin Hidden line
—_—— Thick Section plane
-  Thin Centreline
—_—— Thin Adjacent member

A A Thick Broken outline
(a) Lines

81

7y ry)

ZII

Cross-hatched Solid
(6) Sections

+ 11
B H 1
8 o 2

tc) Dimensions

Figure 12.2 Recommendations for lines, sections and dimensions
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12.3 Steel sections

Rolled and formed steel sections are represented on steelwork drawings as set
out in Figure 12.3. The first two figures indicate the size of section, (for
example, depth and breadth). The last figure indicates the welght in kg/m for
beams, columns, channels and tees. For angles and hollow sections the last
figure gives the thickness of steel. With channels or angles the name may be
written or the section symbols used as shown. Built-up sections can be shown
either by:

(1) True section for large scale views
or

(2) Diagrammatically by heavy lines with the separate plates and sections
separated for clarity for small-scale views. Here only the depth and
breadth of the section may be true to scale.

Section |Reference] Example
Universal beam I UB 610 x178 x 91 kg/m UB
Universal column I uc 203 x203x89 kg/m UC
Joist I R34 203x102x25.33kg/m Joist
Channel [ channel 254x76x28.29 kg/m C
Angle L Angle 150x75x10 L
Tee T Tee  178x203x37 kg/m Struct.Tee

Rectangular hollow section D RHS 150.4 x100x 6.3 RHS
Circular hollow section O CHS 761 0.D.x5 CHS

Figure 12.3 Representation of rolled and formed steel sections

These two cases are shown in Figure 12.4. The section is often shown in the
middle of a member inside the break lines in the length, as shown in (c). This
saves having to draw a separate section.

Beams may be represented by lines, and columns by small-scale sections in
heavy lines, as shown in Figure 12.5. The mark numbers and sizes are written
on the respective members. This system is used for marking plans.

=

-

(a, (b)

Figure 12.4 Representation of built-up sections fes
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A 8
I 2 T—
A1 7€ 406 x140 x 39 kg/m UB
254 x254x73 |50
kg /m UC :; >
<l % B2
@© Q 406 x140 x 39 kg/m UB
1
O
g 83
I T— 2

| 406 x 140 x 39 kg/m UB

Figure 12.5 Representation of beams and columns

12.4 Grids and marking plans

Marking plans for single-storey buildings present no difficulty. Members are

marked in sequence as follows:

Columns Al, A2, ... (See grid referencing below)
Trusses T1, T2, ...

Crane girders CGl1, CG2, ...

Purlins P1, P2, . ..

Sheeting rails SR1, SR2, ...

Bracing B1, B2, ...

Gable columns GS1, GS2, ...

etc.

Various numbering systems are used to locate beams and columns in multi-

storey buildings. Two schemes are outlined below:

(1) In plan, the column grid is marked A, B, C, . .. in one directionand 1, 2, 3,

... in the direction at right angles. Columns are located A1, C2, ...

Floors are numbered A, B, C, ... for ground, first, second, ...,

respectively.

Floor beams (for example, on the second floor) are numbered Bl, B2, ...
Column lengths are identified: for example, A4-B is the column on grid

intersection A4, length between second and third floors.

DS D1

D-roof

Columns are
numbered by
cS cn C-second the grid
tloor  intersection.
Column lengths, eq.
1 g First-second
= = 8 f';g%t,- fioor A2-B,etc

c2

N
@®

A2

A -ground
floor

Elevation line 2
(Refer to scheme1)
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® .,

81 | B2

Scheme 1

86 Beams are numbered
consecutively

B4 —_ Prefix indicates floor

B3

B7
B8

B5
ORI 81

|
First -floor steel

. 9.6

89
—s B10

ot

@ - la b Te Scheme 2
@ @ Beams are numbered
@ on grid lines
2 4b e.g. line 1 —1a,1b, etc.
@ - —==— _2C  First ficor requires
- o B 4 - prefix B, e.q. B-1a,etc.
ol © (V] [V}
@_ I 3a T = I_3c
| | |
A ph
Floor steel

Figure 12.6

(2) A grid line is required for each beam.
The columns are numbered by grid intersections as above.
The beams are numbered on the grid lines with a prefix letter to give the
floor if required. For example,
Second floor grid line 1—-C-la, C-1b,——
Second floor grid line B—C-bl, C-b2,—

The systems are shown in Figure 12.6. The section size may be written on the
marking plan.

12.5 Bolts

12.5.1. Specification
The types of bolts used in steel construction are:

Ordinary or black bolts
Friction-grip bolts
The British standards covering these bolts are:
BS 4190: ISO Metric Black Hexagon Bolts, Screws and Nuts
BS 4395: Part 1: High Strength Friction-Grip Bolts: General Grade

BS 4604: Part 1: The Use of High Strength Friction-Grip Bolts in Structural
Steelwork: General Grade

The strength grade designation should be specified. BS 5950 gives the
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strengths for ordinary bolts for grades 4.6 and 8.8. Minimum shank tensions
for friction-grip bolts are given in BS 4604, The nominal diameter is given in
millimetres. Bolts are designated as M12, M16, M20, M22, M24, M27, M30,
etc., where 12, 16, etc. is the diameter in millimetres. The length under the head
in millimetres should also be given.

Examples in specifying bolts are as follows:

4 No. 16-mm dia. (or M16) black hex. hd. (hexagon head) bolts, strength
grade 4.6 x 40 mm length
20 No. 24-mm dia. friction-grip bolts X 75 mm length

The friction-grip bolts may be abbreviated FG. The majority of bolts may be
covered by a blanket note. For example:

All bolts M20 black hex. hd.
All bolts 24-mm dia. FG unless otherwise noted.

12.5.2 Drilling
The following tolerances for drilling ~re used:

Ordinary bolts—holes to have a maximum of 2-mm clearance for bolt
diameters up to 24 mm and 3 mm for bolts of 24-mm diameter and over.

For friction-grip bolts, holes are drilled the same as set out above for ordinary
bolts. Hole diameters are given in Table 35 of BS 5950: Part 1.
Drilling may be specified on the drawing by notes as follows:

All holes drilled 22-mm dia. for 20-mm dia. ordinary bolts
All holes drilled 26-mm dia., unless otherwise noted.

12.5.3 Designating and dimensioning

The representation for bolts and holes in plan and elevation on steelwork
drawings is shown in Figure 12.7(a). Some firms adopt different symbols for
showing different types of bolts and to differentiate between shop and field
bolts. If this system is used, a key to the symbels must be given on the drawing.

==

Holes

s .

-2 (c)
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. Ik .

il &
Hm et e

(a)

+—+

Figure 12.7

Gauge lines for drilling for rolled sections are given in the Structural Steel-
work Handbook. Dimensions are given for various sizes of section, as shown in
Figure 12.7(c). Minimum edge and end distances were discussed in Section
4.2.2 above.

Details must show all dimensions for drilling, as shown in Figures 12.7(b)
and (d). The holes must be dimensioned off a finished edge of a plate or the
back or end of a member. Holes are placed equally about centre lines. Suffi-
cient end views and sections as well as plans and elevations of the member or
joint must be given to show the location of all holes, gussets and plates.

12.6 Welds

As set out in Chapter 4, the two types of weld are butt and fillet.

12.6.1 Butt welds

The types of butt weld are shown in Figure 12.8 with the plate edge prepar-
ation and the fit-up for making the weld. The following terms are defined:

T=thickness of plate

g =gap between the plates
R=root face

a =minimum angle

Values of the gap and root face vary with the plate thickness, but are of the
order of 1-4mm. The minimum angle between prepared faces is generally
50-60 degrees for V preparation and 3040 degrees for U preparation. For
thicker plates the U preparation gives a considerable saving in the amount of
weld metal required. The student should consult the complete details given in
BS 499: 1965: Part 2, Welding Terms and Symbols.

Welds may be indicated on drawings by symbols from Table 1 of BS 499 and
these are shown in Figure 12.9. Using these symbols, butt welds are indicated
onadrawing as shown in Figure 12.10(a). Reference should be made to BS 499
for a complete set of examples using these symbols.

The weld name may be abbreviated: for example, DVBW for double V butt
weld. An example of this is shown in Figure 12.8(b). Finally, the weld may be
listed by its full description and an enlarged detail given to show the edge
preparation and fit-up for the plates. This method is shown in Figure 12.8(c).
Enlarged details should be given in cases where complicated welding is
required. Here, detailed instructions from a welding engineer may be required
and these should be noted on the drawing.
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XY o,
r.::{:l: r R:]: ig ] T]:[E
g

Square

R%—‘—:‘%:{T

Single bevel

o

_ ¥

g
Single U

-

s

Fiilet

Square butt weid
Single V butt weid
Double V butt weld
Single U butt weld
Double U butt weld
Single bevel weld
Double bevel weld
Single J weld
Double J weld

B9 IEPIIVEQC QL AP

Single V

o

Double bevel

+lie-g
Double J

Figure 12.9 Symbols for welds
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1
\_V (a) LH

31— :[30
/ LI
7 2
Double V butt weid Detail A

See detail A
(c)

Figure 12.10

12.6.2 Fillet welds

These welds are triangular in shape. As set out in Chapter 4, the size of the
weld is specified by the leg length. Welds may be indicated symbolically, as
shown in Figure 12.11(a). BS 499 should be consulted for further examples.
The weld size and type may be written out in full or the words ‘fillet weld’
abbreviated, (for example, 6 mm FW). If the weld is of limited length its exact
location should be shown and dimensioned. Intermittent weld can be shown
by writing the weld size, then two figures which indicate length and space
between welds. These methods are shown in Figure 12.11(b). The welds can
also be shown and specified by notes, as on the plan view in Figure 12.11(b).
Finally, a common method of showing fillet welds is given in Figure 12.11(c),
where thickened lines are used to show the weld.

& mm fillet weld

Vi LES™L L A

L 6 mmN/
6mm
Fillet weld near side Fillet weld far side
(a)
N 6 mm
NV 6 mm x80 long x 160 gap
™ ]
Elevation

~4—6 mm continuous
{ &m fillet weld 6 mm FW
80 6 mm intermittent all round

fillet weld -80 mm
b) weld miss 160 mm (c)

Figure 12.11 Representation of fillet welds
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12.7 Beams

Detailing of beams, purlins and sheeting rails is largely concerned with show-
ing the length, end joints, welding and drilling required. A typical example is
shown in Figure 12.12. Sometimes it is necessary to show the connecting
member and this may be shown by chain dash lines, as shown in Figure
12.12(b).

14

Filg g rr

L 1 ,’"
i N
i O\ Jemm Ik

End plate (size x thickness)

b
4
4

[o—o——ald
4—4

All holes drilled 22 mm dia. for

2 20 mm dia. black boits
Adjacent Beam mark No. Serial size. No.Off
\,
peam i (b) fa)

Figure 12.12 Beam details

12.8 Plate girders

The detail drawing of a plate girder shows the girder dimensions, flange and
web plate sizes, sizes of stiffeners and end plates, their location and the details
for drilling and welding. Any special instructions regarding fabrication should
be given on the drawing. For example, preheating may be required when
welding thick plates or 2mm may require machining off flame-cut edges to
reduce the likelihood of failure by brittle fracture or fatigue on high yield-
strength steels.

Generally all information may be shown on an elevation of the girder to-
gether with sufficient sections to show all types of end plates, intermediate and
load-bearing stiffeners. The elevation would show the location of stiffeners,
brackets and location of holes and the sections complete this information.
Plan views on the top and bottom flange are used if there is a lot of drilling or
other features best shown on such a view. The draughtsman decides whether
such views are necessary.

Part sectional plans are often used to show stiffeners in plan view. Enlarged
details are frequently made to give plate weld edge preparation for flange and
web plates, splices and for load-bearing stiffeners that require full-strength
welds.

Notes are added to cover drilling, welding and special fabrication pro-
cedures, as stated above, Finally, the drawing may contain a material list
giving all plate sizes required in the girder. Typical details for a plate girder are
shown in Figure 12.13.
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12,9 Columns and bases

A typical detail of a column for a multi-storey building is shown in Figure
12.14. The bottom column length with base slab, drilling for floor beams and
splice details is shown.

A compound crane column for a single-storey industrial building is shown
in Figure 12.15. The crane column is a built-up section and the roof portion is
a universal beam. Details at the column cap, crane girder level and base are
shown.

12.10 Trusses and lattice girders

The rolled sections used in trusses are small in relation to the length of the
members. Several methods are adopted to show the details at the joints. These
are:

(1) If the truss can be drawn to a scale of 1 in 10, then all major details can be
shown on the drawing of the truss.

(2) The truss is drawn to a small scale, 1 in 25, and then separate enlarged
details are drawn for the joints to a scale of 1in 10 or 1 in 5.

Members should be designated by size and length; for example, where all
dimensions are in millimetres:

100 x 75 x 10 Angle x 2312 long
100 x 50 x 4 RHS x 1310 long

On sloping members it is of assistance in fabrication to show the slope of the
member from the vertical and horizontal by a small triangle adjacent to the
member.

The centroidal axes of the members are used to set out the frame and the
members should be arranged so that these axes are coincident at the nodes of
the truss. If this is not the case, the eccentricity causes secondary stresses in the
truss.

Full details are required for bolted or welded splices, end plates, column
caps, etc. The positions of gauge lines for drilling holes are given in the Struc-
tural Steelwork Handbook. Dimensions should be given for edge distances,
spacing and distance of holes from the adjacent node of the truss. Splice plates
may be detailed separately.

Sometimes the individual members of a truss are itemized. In these cases,
the separate members, splice plates, cap plates, etc. are given an item number.
These numbers are used to identify the member or part on a material list.

The following figures are given to show typical truss detailing:

Figure 12.16 shows a portion of a fiat roof truss with all the major details
shown on the elevation of the truss. Each part is given an item number for
listing.

Figure 12.17 shows a roof truss drawn to small scale where the truss
dimensions, member sizes and lengths are shown. Enlarged details are
given for some of the joints.
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All holes 22 mm dia. for 20 mm dia. black bolts except as noted

Figure 12.14 Stanchion in a multi-storey building

12.11 Computer-aided drafting

Computer-aided drafting (CAD) is now being introduced into civil and struc-
tural drafting practice. In the near future it will replace much of the manual
drafting work. CAD can save considerable man-hours in drawing prepar-
ation, especially where standard details are used extensively.

In computerized graphical systems the drawing is built up on the screen,
which is divided into a grid. A menu gives commands (for example, line, circle,
arc, text, dimensions, etc.). Data are inputted through the digitizer and key-
board. Alldrawings can be stored in mass storage devices from which they can
be retrieved for subsequent additions or alterations. Updating of drawings
using the CAD system can be accomplished with little effort. Standard details
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used frequently can either be drawn from a program library or created and
stored in the user’s library.

Overlay of drawings is a common feature in most CAD software. This
allows repeated usage of common drawing templates (for example, grid lines,
floor plans, etc.) and results in consierable time saving by reducing input time
required. Texts and dimensions can be typed from the keyboard using appro-
priate character sizes.

_~Detail A «~ Cap plate
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€
© .
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2 Detail A-5St hi
4 etal =dtanchion ca
g [ve 11 P
S4 — B
1T — I SV.BW.
Je 4
L Section I..
/ EE
] Al
E'g S.U.B.W:
@ ¢
=||& \
X f | \tmeners
oflo o size x
NN \ thickness
allH ME—
aliaf
Detail B-Crane girder level
fcqe | ¥ s
a ;
a ,|' ""j FW.
_-Stitfeners I <
A (size) and "——4
=f welding ﬂ:[
Section CC-Crane stanchion
IF.W.
fo OV e [+ AR
slab M j
'size x|y
1 Dia. of all holes ...  thickness N .
except as noted I" — Hole dia.

2 Cleats for sheeting
rails not shown

Figure 12.15 Compound crane stanchion for a single-storey industrial building

Section DD-Stanchion base
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13
Portal design

13.1 Design and construction
13.1.1 Portal type and structural action

The single-storey clear-span building is in constant demand for
warchouses, factories and many other purposes. The clear internal
appearance makes it much more appealing than a trussed roof building and
it also requires less maintenance and heating. The portal may be of
three-pinned, pinned-base or fixed-base construction as shown in Figure
13.1(a). The pinned-base portal is the most common type adopted because
of the greater economy in foundation design over the fixed-base type. Only
pinned-base portals are discussed here.

In-plane the portal resists the following loads by rigid frame action (see
Figure 13.1(b)):

Dead and imposed loads acting vertically
Wind causing horizontal loads on the walls and generally
uplift loads on the roof slopes

In the longitudinal direction the building is of simple design and diagonal
bracing is provided in the end bays to provide stability and resist wind load
on the gable ends and wind friction on sides and roof (see Figure 13.1(d)).

13.1.2 Construction
The main features in modern portal construction shown in Figure 13.1 (c)
are:

Columns — uniform universal beam section;

Rafters — universal beams with haunched ends usually of sections
30 — 40% lighter than the columns;

Eaves and ridge joints — site-bolted joints using grade 8.8 bolts where the
haunched ends of the rafters provide the necessary lever arm for design.
Local joint stiffening is required;

353
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Base — nominally pinned with two or four holding down bolts;

Purlins and sheeting rails — cold-rolled sections spaced at not greater than
1.75-2 m centres;

Stays from purlins and rails — these provide lateral support to the inside
flange of portal members;

Gable frame — a braced (not a rigid) frame at the gable ends of the
buildings;

Bracing — provided in the end bay in roof and walls;

Eaves and ridge ties — may be provided in larger-span portals though now
replaced by stays from purlins or sheeting rails.

13.1.3 Design outline

The code states that either clastic or plastic design may be used. Plastic
design gives the more economical solution and is almost universally
adopted. The design process for the portal consists of:

Analysis — elastic or plastic;

Design of members taking account of flexural and lateral torsional
buckling with provision of restraints to limit out-of-plane buckling;

Sway stability check in the plane of the portal;

Joint design with provision of stiffeners to ensure all parts are capable of
transmitting design actions;

Serviceability check for deflection at eaves.

Procedures for clastic and plastic design are set out in BS 5950 and are
discussed below.

13.1.4 Foundations

The pinned-base portal is generally adopted becausc it is difficult to ensure
fixity without piling and it is more economical to construct. It is also
advantageous to provide a tie through the ground slab to resist horizontal
thrust due to dead and imposed load as shown in Figure 13.1(c).
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13.2 Elastic design

13.2.1 Code provision

The provisions from BS 5950 are summarized as follows:
(1) Clause 5.2: Analysis is made using factored loads

(2) Clause 5.4.1: The capacity and buckling resistance of members are to
be checked using Section 4 of the code.

(3) Clause 5.5.2: The stability of the frame should be checked using
Section 2.4.2. of the code. This states that, in addition to designing for
wind loads, a separate check is to be made for notional horizontal
loads of either:

1% of the factored dead load, or

0.5% of the factored dead + imposed load

These loads are applied at eaves level and act with 1.4 X dead load +
1.3 x imposed load. They are not to be combined with wind loads.

13.2.2 Portal analysis

The most convenient manual method of analysis is to use formulae from
the Steel Designers Manual (see Further reading at the end of this chapter).
A general load case can be broken down into separate cases for which
solutions are given and then these results are recombined. Computer
analysis is the most convenient method to use, particularly for wind loads
and load combinations. The output gives design actions and deflections.

The critical load combination for design is 1.4 X dead load + 1.6 X
imposed load. The wind loads mainly cause uplift and the moments are
generally in the opposite direction to those caused by the dead and
imposed loads. The bending moment diagram for the dead and imposed
load case is given in Figure 13.2. This shows the inside flange of the column
and rafter near the eaves to be in compression and hence the need for
lateral restraints in those areas.

Dead + tmposed tLood
Effective - — —

length _\B/\
Lateral /Muximum

supports sagging
moment

~~Purtins support top flange

/Mux:mum moment

Effective
length

Bending Moment Diagram

Figure 13.2 Bending moment diagram
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As noted in Section 13.1.2, portals are constructed with haunched joints
at the eaves. The primary purpose of the haunch is to provide the lever arm
to enable the bolted site joints to be made. It is customary to neglect the
haunch in elastic analysis. If the haunch is large in comparison with the
rafter length more moment is attracted to the eaves and a more accurate
solution is obtained if it is taken into consideration. This can be done by
dividing the haunch into a number of parts and using the properties of the
centre of each part in a computer analysis.

13.2.3 Effective lengths

Member design depends on the effective lengths of members in the plane
and normal to the plane of the portal. Effective lengths control the design
strengths for axial load and bending.

(1) In-plane effective lengths

The method for estimating the in-plane effective lengths for portal
members was developed by Fraser and is reproduced with his kind
permission. Computer programs for matrix stability analysis arc also
available for determining buckling loads and effective lengths. Only the
pinned-base portal with symmetrical uniform loads (that is, the critical load
case dead + imposed load on the roof) is considered. Reference should be
made to Fraser for unsymmetrical load cases (see Further reading at the
end of this chapter).

If the roof pitch is less than 10° the frame may be treated as a rectangular
portal and the effective length of the column found from a code limited
frame sway chart such as Figure 24 from Appendix E of BS 5950. For
pinned-base portals with a roof slope greater than 10° Fraser gives the
following equation for obtaining the column effective length which is a
close fit to results from matrix stability analyses (see Figure 13.3):

_ Effective length of column Ly

¢ =

Actual length of column L¢

=2 + 0.45Gy
where Gg = LplJ/JIxL,
Ly, L. = rafter and column lengths
Ix, I, = rafter and column moments of inertia

Similar results can be obtained using the limited frame sway chart (BS
5950, Figure 24) if, as Fraser suggests, the pitched roof portal is converted
to an equivalent rectangular frame. The beam length is made equal to the
total rafter length as shown in Figure 13.3. To apply Figure 24 of the code:

B 1JL,
T (WL + (Ie/Ly)

Column top K,

Column base K> = 1.0 pinned
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Figure 13.3

Then Lg/L. for the column is read from Figure 24 of BS 5950.

The cffective length of the rafter can be obtained from the effective
length of the column because the entire frame collapses as a unit at the
critical load, i.c.

wEl,
K2LS:

Column P, =

Rafter Ppe = w* Ely
RRZ(L 12)*
r/2)

2L, Py
whence Ki = K,
Ly N Pel

where E = Young's modulus

_ Effective length of rafter

Actual length of rafter

PPy = critical loads for column and rafter
= load factor X design loads

PPy = average design axial toad in the column and rafter

(2) Out-of-plane effective length

The purlins and sheecting rails restrain the outside flange of the portal
mcmbers. It is essential to provide lateral support to the inside flange. i.e.
a torsional restraint to both flanges at critical points to prevent
out-of-planc buckling. For thc pinned-base portal with the bending
moment diagram for dead and imposed load shown in Figurc 13.2,
supports to the inside flange are required at:
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Eaves (may be stays from sheeting rails or a tie)

Within the top half of the column (more than one support may be
necessary)

Near the point of contraflexure in the rafter (more than one support may
be necessary)

The lateral supports and effective lengths about the minor axis for flexural
buckling and lateral torsional buckling are shown in Figure 13.2.

13.2.4 Column Design

The column is a uniform member subjected to axial load and moment with
moment predominant. The design procedure for the critical load case of
dead + imposed load is as follows.

(1) Compressive resistance
Estimate slenderness ratios Lgx/ry, Leyry 3 180

where Lgyx, Liy = effective lengths for XX and YY axes

ry. ry = radii of gyration for XX and YY axes

Compressive strength p. = Table 27(a) or (b) of the code
Compressive resistance p. = P.A, (A, = gross area)

(2) Moment capacity

M.=p,S
where p, = design strength
S = plastic modulus

(3) Buckling resistance moment

The bending moment diagram and effective length are shown in Figure
13.2,

Equivalent moment factor m — Table 18 of the code:

Sienderness A = Lgylr,
Equivalent slenderness A 1 = uvi

where u = Handbook
v = Table 14 of the code for Mx
x = Handbook

Bending strength py, — Table 11 of the code
Buckling resistance moment M, = p,S
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(4) Interaction expressions

Local capacity check FlAp, + MIM. < 1
Overall buckling check FIP, + mMIM, < 1

13.2.5 Rafter design

The rafter is a member haunched at both ends with the moment
distribution shown in Figure 13.2. The portion near the eaves has
compression on the inside. Beyond the point of contraflexure the inside
flange is in tension and is stable. The top flange is fully supported by the
purlins.

If the haunch length is small it may conservatively be neglected and the
design made for the maximum moment at the eaves. A torsional restraint is
provided at the first or second purlin point away from the eaves and the
design is made in the same way as for the column. In this case the factor
m = 1.0 and the slenderness correction factor n should be evaluated from
Table 16 of the code. Rafter design taking the haunch into account is
considered under plastic design in Section 13.3.

13.2.6 Example elastic design of a portal
(1) Specification

The pinned-base portal for an industrial building is shown in Figure
13.4(a). The portals are at 5 m centres and the length of the building is
40 m. The building loads are:

Roof — Dead load measured on slope

Sheeting 20 gauge = (0.1 kN/m?
Insulation = (.15 kN/m?
Purlins (Table 5.2, A140/165)
4.0 kg/m at 1.5 m c/c = (.03 kN/m>
w=20m
p—
.
hiw < 172
372 < llw< &4

a) Portal _ b) Plon

Figure 13.4
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Rafter 457 x 191 UB 67 = (.13 kN/m°®
Total = 0.41 kN/m?

— Imposed load on plan, BS 6399 = 0.75 kN/m*
Walls — same as roof = 0.41 kN/m?

Wind load — CP3: Chapter V: Part 2 — Location north-east
UK on outskirts of city
Carry out the following work:

Estimate the building loads
Analyse the portal using elastic theory with a uniform section throughout
Design the section for the portal using Grade 43 steel

(2) Loading
Roof — dead = 0.41 x 5 x 10.77/10 = 2.21 kN/m
imposed = 0.75 X § = 3.75 kN/m
design = (1.4 x 2.21) + (1.6 x 3.75) = 9.09 kN/m
Wall — dead =041 x5x6x 14 =17.22 kN
Notional horizontal load at each column top
= 0.5 x 0.005 x 20 x 9.09 = 0.45 kN
Wind — Basic wind speed V =45 m/s
Ground roughness—category =3
Building size — class =B

The wind load factors S, design wind speeds V., dynamic pressures g, and
external pressure coefficients C,. for the portal are shown in Table 13.1.
The internal pressure coefficients Cj; from Appendix E of the wind code
are + (0.2 or —().3 for the case where there is a negligible probability of a
dominant opening occurring during a severe storm.

Dynamic pressure ¢ = 0.613V,%/10° kN/m?
Wind load w = 5¢(Cp. — Cpi)

The diagrams for the characteristic loads are shown in Figure 13.5.

Table 13.1 Wind loads

External pressure coeff. Cy.
[0

Element  Height Fuctor Design Dynamic
(m) AN speed pressure o=

v 4 Windward Leeward &7 ur

Roof 10 0.74 333 (.68 - 0.33 - 04 - 0.7
Walls 6 0.67 30.2 0.56 + 0.7 - .25 - .5
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375 kN/m
2:21 kN/m “

L ] j

Dead {mposed
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045 ktl
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Notional Horizontal Leads <« =0 internol Pressure Case
——— 0'34 3.06
0“\07. 3&6 ~
T~
— -03 -—
«© Kk d w 2
a N/m 0 : e
o = 0 Internal Suction Case o= 90" Internal Pressure Case

foad Diagrams

Figure 13.5 Load diagrams

(3) Analysis

The manual analysis for the design dead + imposed load case is set out
here. Bending moment diagrams are given for the separate load cases in
Figure 13.7.

Frame constants. Refer to Figure 13.6(a)

K = his = (.557
o = flh = 0.667
m=1+4¢ = 1.667
B=2(K+1)+m= 4781
C=1+4+2m = 4.334
N = B+ me = 12.006
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w=9-09kN/m = 181-8kN

A 9-09 kN/m
370 » | |
C o

214:55kNm
o P
3576kN_ B I

/ '.§
e s
L=20m A 90-9 kN
L

o) Frame and Leads b)Rafter Lloads

96-85

kNm r T
108-1 10841

kN

¢) Bending Moment Diagram d} Member Axial _Loads

Figure 13.6

Moments and reactions

Mg = wL? (3 + 5m)/16N = —214.55 kNm
M, = (wL*8) + mMy =  96.85 kNm
H = 214.55/6 = 35.76 kN

Referring to Figure 13.6(b), the moment at any point P in the rafter is
M, = 90.9x — 214.55 — 35.76 x 0.4x — 9.09x7/2

Put M, = 0 and solve to give x = 3.
Put dM/dx = 0 and solve to give x = 8.43 m
and maximum sagging moment = 10

Thrust at
B =90.9 x 4/10.77 + 35.76 x 10/10.77 = 66.9 kN

The bending moment diagram and member axial loads are shown in
Figure 13.6(c) and (d), respectively. Other values required for design are
given in the appropriate figures.

The maximum design moments for the separate load cases shown in
Figure 13.5 and moment diagram in Figure 13.7 are given for comparison:
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37-52 ~13-3
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Moments - kNm Reactions - kM

Figure 13.7

Maximum negative moment at the caves

(1) 1.0 x dead + 1.6 X imposed
My = —]1.4x52.16 + 1.6 X 88.51]
= — 214.55 kNm

(2) 1.2 [dead + imposed + wind internal suction]
Mp = — 1.2[52.16 + 88.51 + 13.3]
= — 184.76 kNm

(3) 1.4 X dead + 1.3 X imposed + notional horizontal load
Mp = —[1.4 X 52,16 + 1.6 x 88.51 + 2.7]

190.78 kNm

il
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Maximum reversed moment at the eaves

—~1.0 X dead — 1.4 X wind internal pressure
Mg = — 52.16 + 1.4 X 65.88 = 39.1kNm

4 Column design

Trial section

Try 457 X 152 UB 60, Grade 43, uniform throughout:

A =759 cm?, =1
S = 1280 cm’, u = 0.869,

Compression resistance — Applied load F = 90.9 kN
In-plane slenderness
Fraser’s formula

Lg/L =2 + 0.45 (2 x 10.77/6) = 3.62
Using BS 5950, Figure 24:

1/6
TopKj=———=0.782
1/6 + 1/21.54
Base K, =1.0
Le/L = 3.5

Slenderness Lgx/r, = 3.62 x 6000/183 = 118.7

Out-of-plane slenderness with restraint at the mid-height of the column as
shown in Figure 13.6(c):

Slenderness Lgy/ry, = 3000/32.3 = 92.9 < Lgx/ry
Compressive strength pe = 121 N/mm? — Table 27(a) of the code
Compressive resistance P. = 121 X 75.9/10 = 918.4 kN

Moment capacity M, = 275 x 1280/10° = 352 kNm

Buckling resistance moment Applied moment M = 214.55 kN.

The bending moment diagram is shown in Figure 13.6(c).

Equivalent moment factor m = (.76 for § = 0.5 — Table 18 of the code.

Slenderness factor for AMx = 92.9/37.5 = 2.48
v = (.931 — Table 14 of the code
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Equivalent slenderness

At = 0.869 X 0.931 X 92.9
=752

Bendmg strength
Py = 178.6 N/mm?> — Table 11 of the code

Buckling resistance moment:
My, = 175.6 x 1280/10° = 224.8 kNm
Interaction expressions
90.9 x 10  214.55

Local capacit + - 0.65
e APy e < 75.0 T 352

. 90.9 0.76 x 214.55
Overall capacity + = (.83
9184 224.8

The section is satisfactory.

5 Rafter design check

Compression resistance F =669 kN

The average compressive forces for the rafter and column are shown in
Figure 13.6(d).

In-plane slenderness

=284

Ly 3.62x2x6 99.5
Ly, 21.54 50.1

Lexry = 2.84 x 10770/183 = 167 <180
Out-plane slenderness: Lgy = 3000 mm — Figure 13.6(c)

Lgy/ry, = 3000/32.3 =929
pL = 65.7 N/mm* — Table 27(a) of the code
= 65.7 X 75.9/10 = 498.7 kN

Buckling resistance moment
The slenderness factor n is evaluated using Table 16 of the code:

B
M,

36.64/214.55 = 0.17 — Figure 13.6(c)
9.09 x (3 x 10/10.77)%/8 = 8.82 kNm
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Yy = 214.55/8.82 =243
n = (.84 — Table 16 of the code
At = 0.84 X 0.869 x 0.931 x 92.9 = 63.1
ph = 205.6 N/mm> — Table 11 of the code
= 205.6 x 1289/10° = 263.2 kNm

Interaction expressions for overall buckling

66.9  214.55

498.7  263.2

The section is satisfactory.

13.3 Plastic design

13.3.1 Code provisions

BS 5950 states in Section 5.3 that plastic design may be used in the design
of structures and elements provided that the following main conditions are
met:

(1) The loading is predominantly static.

(2) Structural steels with stress—strain diagrams as shown in Figure 2.1 are
used. The plastic plateau permits hinge formation and rotation
necessary for moment redistribution at plastic moments to occur.

(3) Member sections are plastic where hinges occur. Members not
containing hinges are to be compact.

(4) Torsional restraints are required at hinges and within specified
distances from the hinges.

Provisions regarding plastic design of portals are given in the code in
Section 5.5. The code states that a torsional restraint need not be provided
at the last hinge to form. Other important provisions deal with overall sway
stability and column and rafter stability and these are discussed below.

13.3.2 Plastic analysis — uniform frame members

Plastic analysis is set out in books such as that by Horne and only plastic
analysis for the pinned-base portal is discussed here. The plastic hinge (the
formation of which is shown in Figure 5.8) is the central concept. This
rotates to redistribute moments from the elastic to the plastic moment
distribution.

Referring to Figure 13.8(a), as the load is increased hinges form first at
the points of maximum elastic moments at the eaves. Rotation occurs at
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Working Load Collapse Load

[ nl [ ]

Mo Mp

Mg Mp

Uniform  Portal

My > Mg b) Plastic Moment Diagram

a) Elastic Moment Diagram

¢} Collapse Mechanism

Figure 13.8

the eaves’ hinges with the rafter acting like a simply supported beam,
taking more load until two further hinges form near the ridge, when the
rafter collapses. The plastic bending moment diagram and collapse
mechanism are shown in Figure 13.8. In general, the number of hinges
required to convert the portal to a mechanism is one more than the statical
indeterminacy. With unsymmetrical loads such as dead + wind load two
hinges only form to cause collapse.

For the location of the hinges to be correct, the plastic moment at the
hinges must not be exceeded at any point in the structure. That is why, in
Figure 13.8 (b), two plastic hinges form at each side of the ridge and not
one only at the ridge at collapse. The critical mechanism is the one which
gives the lowest value for the collapse load.

The collapse mechanism which occurs depends on the form of loading.
Plastic analysis for the pinned-base portal is carried out in the following
stages:

(1) The frame is released to a statically determinate state by inserting
rollers at one support.

(2) The free bending moment diagram is drawn.

(3) The reactant bending moment diagram due to the redundant horizontal
reaction is drawn.

(4) The free and reactant moment diagrams are combined to give the
plastic bending moment diagram with sufficient hinges to cause the
frame or part of it (e.g. the rafter) to collapse. As mentioned above, the
plastic moment must not be exceeded.
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The process of plastic analysis for the pinned-base portal is shown for the
case of dead and imposed load on the roof in Figure 13.9. The frame is
taken to be uniform throughout and the bending moment diagrams are
drawn on the opened-out frame. The case of dead + imposed + wind load
is treated in the design example.

The exact location of the hinge near the ridge must be found by
successive trials or mathematically if the loading is taken to be uniformly
distributed. Referring to Figure 13.10, for a uniform frame, hinge X is
located by

g=nh+ 2L
The free moment at X in the released frame is
M, = wLxi2 — wx’/2
The plastic moments at B and X are equal, i.e.
M,=Hh =M, — Hg

Put dH/dx = 0 and solve for x and calculate H and M. Symbols used are
shown in Figure 13.10.

M) A T
>
©®
o

H H Mp

"—"1A ET-‘_ 1

Frame and Loads

|
T
\l/
|
_ - . +

L
? _ Rollers 1,

Plastic Moment Diagram

Free  Moment Diagram

Reteased Frame

bbbk ML LS
T T T
!
f
—_— -

Redundant Reactant Moment Diagram

Figure 13.9
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w per unit length

Try locations
for hinge X.

wbk/2 wL/2

a) Frame ond Hinge Locations b) Loads Applied ot Purlin  Points

Figure 13.10

If the load is taken to be applied at the purlin points as shown in Figure
13.10(b) the hinge will occur at a purlin location. The purlins may be
checked in turn to see which location gives the maximum value of the
plastic moment M,

13.3.3 Plastic analysis — haunches and non-uniform frame

Haunches are provided at the eaves and ridge primarily to give a sufficient
lever arm to form the bolted joints. The haunch at the eaves causes the
hinge to form in the column at the bottom of the haunch. This reduces the
value of the plastic moment when compared with the analyses for a hinge
at the eaves intersection. The haunch at the ridge will not affect the
analyses because the hinge on the rafter forms away from the ridge. The
haunch at the eaves is cut from the same UB as the rafter. The depth is
about twice the rafter depths and the length is often made equal to span/10.

It is also more economical to use a lighter section for the rafter than for
the column. The non-uniform frame can be readily analysed as discussed
below. It is also essential to ensure that the haunched section of the rafter
at the eaves remains elastic. That is, the maximum stress at the end of the
haunch must not exceed the design strength p,:

py > FIA + MIZ

where F = axial force
M = moment
A = area
Z = elastic modulus

The analysis of a frame with haunched rafter and lighter rafter than column
section is demonstrated with reference to Figure 13.11(a). Let

M

P
M,
q

plastic moment of resistance of the column
plastic moment of resistance of the rafter
normally 0.6 - 0.7

Il

It
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a) Non-Uniform Portal b) Hounch

Figure 13.11

Frame dimensions are shown in Figure 13.11.

Hinge in column M, = He
Hinge in rafter gM, = M, — Hg = qHe

where M, = free moment at X in the released frame
g=nh+2fx/L

Put dH/dx = 0 and solve to give x and so obtain H and M.

13.3.4 Section design

At hinge locations design is made for axial load and plastic moment. The
following two design procedures can be used:

(1) Simplified method
Local capacity check:

F M
— 4 — <
Apy M.
where F, M = applied load and plastic moment
M, = moment capacity
A, = gross area

(2) Exact method

Axial load reduces the plastic moment of resistance of a section. The
bending moment is resisted by two equal areas extending inwards from the
edges. The central area resists axial load and this arca may be confined to
the web or extend into the flange under heavy load. The stress diagrams
are shown in Figure 13.12,
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Figure 13.12

The formulae for calculating the reduced plastic moduli of sections
subjected to axial load and moment are given in Steelwork Design to BS
5950, Volume 1 and the calculation procedure is as follows:

n= F/Agpy

where F = applied axial load
A, = gross area

Change values of n are given for each section. For lower values of n the
neutral axis lies in the web and the reduced plastic modulus:

SR = k| - /(2!12

where values of k, and &, are given in the Handbook. A formula is also
given for upper values of n. Reduced moment capacity, Mg = Sgpy, >M
applied moment.

13.3.5 Sway stability

The code gives two procedures for checking the overall sway stability of a
portal. These ensure that the elastic buckling load is not reached and that
the effects of additional moments due to deflection of the portal are taken
into account.

(1) Limiting horizontal deflection at eaves

The horizontal deflection calculated by linear elastic analysis at the top of
the columns due to the notional horizontal loads should not exceed 4/1000,
where 4 is the column height. The notional loads are .5% of the factored
roof dead and imposed loads applied at the column tops.

(2) Limiting span/depth ratio of the rafter

The following equation must be satisfied:

Ly _44L( o\ (75
D Qha\a+pLJ/L) \py




Plastic design 373

where p = (21J1) (L/h)
L = portal span
D = depth of rafter
h = column height
L, = total developed length of rafter
Py = design strength of rafter

I.. I. = moments of inertia of column and rafter

( W/W,

w, factored vertical load on the rafter

W, = maximum value of W, which could cause failure of
the rafter treated as a fixed end beam of span L

L, = effective span of the bay
When the depth of haunch is not less than 2D.
Ly=L — L.
Otherwise L, = L

Ly = length of haunch

1l

13.3.6 Restraints and member stability
(1) The need for restraints
Restraints are required to ensure that:

(1) Plastic hinges can form in the deep I-sections used.

(2) Overall flexural buckling of the column and rafter about the minor axis
does not occur.

(3) There is no lateral torsional buckling of an unrestrained compression
flange on the inside of members.

The code requirements regarding restraints and member stability are
sct out below. A restraint should be capable of resisting 2.5% of the
compressive force in the member or part being restrained.

(2) Column stability

The column contains a plastic hinge near the top at the bottom of the
haunch. Below the hinge it is subjected to axial load and moment with the
inside flange in compression. The code states in Section 5.3.5 that torsional
restraints (i.c. restraints to both flanges) must be provided at or within
member depth D/2 from a plastic hinge.

In a member containing a plastic hinge the maximum distance from the
restraint at the hinge to the adjacent restraint depends on whether or not
restraint to the tension flange is taken into account. The following
procedures apply:

(i) Restraint to tension flunge not taken into account
This is the conservative method where the distance from the hinge
restraint to the next restraint is given by:

- 38 r,
T {(/130) + (p,275) (x/36)3]"°

m
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where f. = compressive stress due to axial load

ry = radius of gyration about YY axis using the minimum
value if the section varies

x = torsional index using the maximum value if the section
varies. See Appendix B.2.5 in the code

When this method is used no further checks are rcquired. The
locations of restraints at hinge H and at G, L., below H are shown in
Figure 13.13 (a). It may be necessary to introduce a further restraint at
F below G, in which case column lengths GF and FA would be
checked for buckling resistance for axial load and moment. The
effective length for the XX axis may be estimated for the portal as set
out in Section 13.2.3. The Steelwork Design Guide to BS 5950 takes the
effective length for the XX axis as HA in Figure 13.13, the distance
between the plastic hinge and base. The effective lengths for the YY
axis are GF and FA. Note that compliance with the sway stability
check ensures that the portal can safely resist in-plane buckling and
additional moments due to frame deflections.

(ii) Restraint to tension flange taken into account
A method for determining spacing of lateral restraints taking account
of restraint to the tension flange is given in Clause 5.5.3.5 of BS 5950.
A more rigorous method is given in Appendix G. The formula from
Clause 5.5.3.5 gives the following limit for Grade 43 steel:

- 620r,x
= [72.\'2 _ 104]().5

t

where K, = 620 in this case where the ratio of haunch depth to rafter
depth is taken as 1.0. The code specifies that the buckling resistance
moment My calculated using an effective length Lg equal to the
spacing of the tension flange restraints must exceed the cquivalent
uniform moment for that column length. The restraints are shown in
Figure 13.13(b). The column length AF is checked as set out above.

(3) Rafter stability near ridge

The tension flange at the hinge in the rafter near the ridge is on the inside and
no restraints are provided. Clause 5.5.3.1 states that a torsional restraint is
not needed at the last hinge to form. In the portal two hinges form last near
the ridge. A purlin is required at or near the hinge and purlins should be
placed at a distance not exceeding L,, on each side of the hinge. The purlin
arrangement is shown in Figure 13.13 (c). In some cases a restraint to the
inside flange is needed here when stresses reverse to compression under wind
uplift loads.
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Figure 13.13 Column and rafter restraints

(4) Rafter stability at haunch

The requirements for rafter stability are set out in Clause 5.5.3.5 of the
code. The haunch and rafter are in compression on the inside from the
eaves for a distance to the second or third purlin up from the eaves where
the point of contraflexure is usually located:

(i) Restraint to tension flange not taken into account
The maximum distance between restraints to the compression flange
must not exceed L, as set out in (2) above or that to satisfy the overall
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buckling expression given in Section 4.8.3.3.1 of the code. For the
tapered member the minimum value of ry and maximum value of x are
used. No restraint is to be assumed at the point of contraflexure.

(ii) Restraint to tension flange taken into account

When the tension flange is restrained at intervals by the purlins
possible restraint locations for the compression flange are shown in
Figurc 13.13(d). The code requirements are:

(a) The distance between restraints to the tension flange Lg must not
exceed L, or, alternatively, the interaction expression for overall
buckling given in Section 4.8.3.3.1 of the code based on an effective
length L must be satisfied.

(b) The distance between restraints to the compression flange must
not exceed

Kyrox

=T T aun for Grade 43 steel
(723 = 104"

5

where K| is given by
Haunch depth/rafter depth 1 K, = 620
Haunch depth/rafter depth 2 K, = 495

The following provisions are set out in the code:

(1) The rafter must be a universal beam.
(2) The depth of haunch must not exceed three times the rafter depth.
(3) The haunch flange must not be smaller than the rafter flange.

If these conditions are not met the rigorous method given in Appendix G
of the code should be used.

The code also specifies that for the purlins to provide restraint to the top
flange, they must be connected by two bolts and have a depth not less than
one quarter of the rafter depth. In this case, a vertical lateral restraint can
be assumed at the point of contraflexure without provision of stays.

13.3.7 Serviceability check for eaves deflection

BS 5950 specifies in Table 5 that the deflection at the column top in a
single-storey building is not to excced height/300 unless such deflection
does not damage the cladding. The deflections to be considered are due to
the unfactored imposed and wind loads. If necessary, an allowance can be
made for dead load deflections in the fabrication.

A formula for horizontal deflection at the caves due to uniform vertical
load on the roof is derived. Deflections for wind load should be taken from
a computer analysis.

Referring to Figure 13.14, because of symmetry of the frame and loading
the slope at the ridge does not change. The slope 6 at the basc is equal to
the area of the M/E/ diagram between the ridge and the base given by
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W _per unit length

4

‘Tangent at base

a) _Lgodlng_qnd Moment Diagru_m b) Deflected  Structure
Figure 13.14
1 wl’s f. VLs  HRW
0=——[—"——+Hs(h+>)- ] +
Elg ' 24 2 4 2EI,

The deflection at the eaves is then

H#K
o = h — —
6E1,
where H = horizontal reaction at base
V = vertical reaction at base

= characteristic imposed load on the roof
I.. Iy = moments of inertia of the column and rafter

Frame dimensions are shown in Figure 13.14.

13.3.8 Design of joints
(1) Eaves joint

The eaves joint arrangement is shown in Figure 13.15(a). The steps in
the joint design check are:

(a) Joint forces
Take moment about X:

Vdi2 = M, + Ta = 0
Bolt tension T'=(M,— Vd2)la

Compression C=T+ H
Haunch flange force F = C sec ¢
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Figure 13.15
(b) Bolt design for joint shown

Tension Fr=T/4
Shear F, = Vi8

for a given bolt size with capacities Py in tension and P, in shear. The
interaction expression is

F/P, + Fi/Pr < 14

(c) Column flange check and end plate design
Adopt a yield line analysis (see Horne and Morris and MacGinley in
the Further reading at the end of this chapter). The yield line pattern is
shown in Figure 13.15(b) for one panel of the end plate or column
flange. The hole diameter is v.

Work done by the load = T8 b/8

Work done in the yield lines
= 4mb(c + e) — mve (1 + cos &)

mb v
+—[b — = sin ¢]
c 2



(d)

(e)

(f)

(8)

(h)
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Equate the expressions and solve for m. The plate thickness required

= (4mip,)"”

Haunch flange

Flange force F < p, X flange area. The haunch section is checked for
axial load and moment in the haunch stability check.

Column stiffener

Design the stiftener for force C. See Section 6.3.7.
Column web

Check for shear T. See Section 5.6.2.

Column and rafter webs

These webs are checked for tension 7. The small stiffeners distribute
the load.

Welds

The fillet welds from the end plate to rafter and on the various
stiffeners must be designed.

The main check calculations are shown in the example in Section 13.3.9.

(2) Ridge joint

The ridge joint is shown in Figure 13.16. The bolt forces can be found by
taking moments about Z:

T = (M — Hh)lg

Ridge Joint

Figure 13.16
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where H = horizontal reaction in the portal
M = ridge moment

Joint dimensions are shown in the figure. Other checks such as for end
plate thicknesses and weld sizes are made in the same way as for the eaves
joint.

13.3.9 Example plastic design of a portal

(1) Specification

Redesign the pinned-base portal specified in Section 13.2.7 using plastic
design. The portal shown in Figure 13.17(a) has haunches at the eaves

1.5m long and 0.45m deep. The rafter moment capacity is to be
approximately 75% of that of the column.

(2) Analysis — dead and imposed load

The frame dimensions, loading and plastic hinge locations are shown in
Figure 13.17(a). The plastic moments in the column at the bottom of the
haunch and in the rafter at x from the eaves are given by the following
expressions:

Column M, = 5.55H
Rafter 0.75M, = 90.9x — 9.09x%/2 — H(6 + 0.4x)

_ 90.9x —4.55x
Reduce to give H=—""7"7"—
10.16 + 0.4x

Put dH/dx = 0 and collect terms to give

x>+ 50.7x — 507.4 = 0

Solve x = 8.56 m

H = 32.7kN

Mp = 181.5 kNm—column
().75Mp = 136.1 kNm—rafter

The plastic bending moment diagram with moments needed for design is
shown in Figure 13.17(b) and the co-existant thrusts in (c).

(3) Analysis—dead + imposed + wind load

The frame is analysed for the load case:
1.2 [dead + imposed + wind internal suction]

The roof wind loads acting normally are resolved vertically and horizontally
and added to the dead and imposed load. The frame and hinge locations
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are shown in Figure 13.18(a) and the released frame, loads and reactions in

(b).

expressed by
M, = 66.5x — 57.24 — 3.52%°

The equations for the plastic moments at the hinges are:

Columns M, =5.55H + 2.59
Rafter O.I;SMp = 66.5x — 57.24 — 3.52x°— H(6 + 0.4x)

The free moment in the rafter at distance x from the eaves point can be
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This gives

_ 66.5x — 59.18 ~ 3.52x°
- 10.16 + 0.4x

Put dH/dx = () and solve to give x = 8.39m.

H = 18.6 kN
M, = 105.1 kN

The plastic bending moment diagram is shown in Figure 13.18(c). The
moments arc less than for the dead + imposed load case.

{4) Column section
The design actions at the column hinge are

181.8 kNm
92.2 kN

MP
F
S 181.8 x10°/275 = 661.1 cm®

Try 406 X140 UB 46, § = 888 cm?, 4 = 59 cm™:
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re =163 cm, r, =302 cm, u = 0.87. x = 38.8
I, = 15 600 cm*
n=92.2 x 10/(59 x 275) = 0.056 < 0.444

II I

Reduced plastic modulus:
Sr =888 — 1260n” = 883.9 cm’

The section is satisfactory.

(5) Rafter section

The design actions at the rafter hinge are:

(N3
—
Z

Try 356 x 127 UB 39, § = 654 cm®, A = 49.4 cm”;

143 cm, r,=2.69cm, Z = 572, I, = 10 100 cm?
34.3

35.5 x 10/(49.4x 275) = () 026 < 0.437

SR 654 — 0.43 = 653.6 cm®

u n Y

The section is satisfactory.

Check that the rafter section at the end of the haunch remains elastic
under factored loads. The actions are

M
F

96.9 kNm
59.5 kN

595 x 10 96.9 x 10°

_+.
49 4 572
= 181.4 N/mm?

Il

Maximum stress

This is less than p, = 275 N/mm?. The section remains elastic.

(6) Column restraints and stability

A tie is provided to restrain the hinge section at the eaves. The distance to
the adjacent restraint using the conservative method is:
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38 x 30.2

= 1013.7 mm

< {[(92.2 x 10)/(59 x 130)] + (38.8/36)%}

The arrangement for the column restraints is shown in Figure 13.19(a).
The column is checked between the second and third restraints G and F
over a length of 1.55 m. The moments and thrusts are shown in Figure

13.17:
Eaves ™ (/
tie : Bﬂm
e
1— ‘G"!“'
&
— . T
— - 406x 140
S o UB4O
L AJ.U

6047

a) Portal Members

5833

N
(=]
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'
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-

b) Rof_fer Section YY

Figure 13.19
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Mg = 98.1 kNm
M = 148.8 kNm
F.= 95.1kN

The effective lengths and slenderness ratios are

0.45 x 21.54 x 15 600
k=2 + | = 4.49
6 x 10 100

Lpx/ry, = 4.49 x 6000/163 = 165.3

Note that the Steelwork Design Guide to BS 5950 would use
Leyx/r, = 5550/163 = 34 in this check

Lyy/r, = 1700/30.2 = 56.3

pe = 66.7 N/mm*—Table 27(a) in the code
P, = 66.7 x 59/10 = 393.5kN

B = 98.1/148.8 = (.66

m = 0.83—Table 18 in the code
My = 56.38.8 = 1.45

v = 0.972—Tuable 14 in the code
A = 0.87 X 0.972 x 56.3 =47.6

prn =243.8 N/mm’—Table 11 in the code
M, =243.8 x 888/10° = 216.5 kNm

Overall buckling check:
95.1 0.83 x 148.8

+
393.5 216.5

= (.81 Satisfactory

Note that the in-planc stability or sway stability is checked by the code
procedure in (8) below.

(7) Rafter restraints and stability

The rafter section at the caves is shown in Figure 13.19(b). The centre
flange is neglected and the section properties are calculated to give

64.9 cm”

1353 cm?®

2.35¢cm

0.566 h, (A/J)"—Appendix B2.5.1 in the code
17312 x 1.07% x 12.6 + 0.65% x 58.33]

15.6 cm? )

0.566 X 59.4 (64.9/15.6)" = 68.6

A
S
Ty
X
J

1 T | I VA (O

-
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The rafter stability is checked taking account of restraint to the tension
flange using Clause 5.5.3.5 in the code.

Depth of haunch/depth of rafter

= 559.5/352.8 = 1.59

K, =546

546 x 23.5 X 68.6
L, = (72 % 68.6 — 10" = 1535.0 mm

Provide stays at the end of the haunch.

Check overall buckling in accordance with Clause 4.8.3.3.1 using an
effective length Lg of 1500 mm for the haunch:

Ley/ry = 1500/23.5 = 63.8
Ax = 63.8/68.6 =0.93
v = 1.0—Table 14 in the code

u =1.0

}\LT = 638

The smallest value of r, and the largest value of x have been used.

At the large end of the haunch, at the eaves, consider as a welded
scction:

169.4 N/mm- from Table 12 of the code

Pn =
p. = 193.4 N/mm?’ from Table 27(c) of the code
M, = 169.4 x 1353/10° = 229.2kNm
F = 64.2 kN from Figure 13.17
M, = 196.2 kNm from Figure 13.17

Interaction expression
64.2 x 10 196.2

-+
193.4 x 649  229.2

=0.91

At the small end of the haunch, consider as a rolled section 356 X 127 UB
39 for which A = 49.4 cm?, S, = 654 cm®. The actions at the end of the
haunch are:

P
My

F =59.5kN See section (5) above
M, =96.9 kNm
pn = 203.9 N/mm? from Table 11 of the code

2
213.4 N/mm- from Table 27(b) of the code
203.9 X 654/10 3 = 133.4 kNm
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Interaction expression
59.5 x 10 96.9

+
2134 x 494 1334

=0.79

The haunch is satisfactory.
If restraint to the tension flange is not considered:

At the start of the haunch

38 x 23.5
[(64.2 x 10)/(64.9 x 130) + (68.6/36)2]"3

m

= 463.8 mm

At the end of the haunch

Lo 38 X 26.9
™7 1(35.2 x 10)/(49.4 x 130) + (35.3/36)*]"

= 1030.5 mm

An additional purlin must be located at, say, 450 mm from the caves with
stays to the compression flange.

The above calculations follow the code procedure and the rafter section
complies with the sway stability check made in (8) below. If the rafter is
checked using the in-plane effective length derived in the clastic design in
Section 13.2.3 the slenderness Lgx/r, exceeds 180, and its depth would
need to be increased if this more conservative design procedure is used:
However, the rafter is primarily a flexural member carrying small axial
load and the restriction L/r <180 intended for struts should not, in fact,
apply.

At the hinge location near the ridge the purlins will be spaced at
1020 mm as shown in Figure 13.19(a).

(8) Sway stability

Use limiting span/depth of rafter ratio. The haunch depth 604.7 mm
(Figure 13.19(b)) is less than twice the rafter depth, the effective span
L, =20m:

25X 15600 X 20
PT 0w xe

10.29
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M, = 654 x 275/10° = 179.9 kNm—rafter
= W,L/16
o= 143.9kN
Q=909 x 201439 = 1.26
L 20000 44 x 20 10.29
—= =56.7<
D 3528 1.26 X 6 \4 + 10.29 x 21.54/20

< 79.4 Satisfactory

(9) Serviceability—Deflection at eaves

An elastic analysis for the imposed load on the roof of 3.75 kN/m gives
H=15.26 kN and V=37.5 kN. See sections 13.2.2. and 13.2.6. From
Section 13.3.7.

o= 1 3.75 X 20 000> x 10 770
T 205 x 10° x 10 100 x 10* 24
4000) 37 500 x 20 000 x 10 770]
4

+15260><10770(600+

15 260 x 60002

+ 2 = 7.068 x 107 radians
2 X 205 x10® x 15 600 x 10

Deflections at eaves

15 260 x6000°
6 x 205 x10% x15 600 x 10?

Sp = 6000 x 7.068 x 1073 —

= 25.2 mm = height/238

This exceeds #/300 but metal sheeting will accommodate the deflection.

(10) Design of joints
The arrangement for the caves joint is shown in Figure 13.19(c). Sclected
check calculations only are given,

(a) Joint forces Take moment about X
T = [181.8 — 90.9 x 0.402/2J/0.6 = 272.5 kN
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(b) Bolts  Fr = 272/4 = 68.13 kN
F, = 90.0/6 = 15.15 kN

Try 20 mm Grade 8.8 bolt. From the Steel Design Guide to BS 5950,
Volume 1:

Pr =110 kN
P, =919 kN

(15.15/91.9) + (68.13/110) = 0.78 < 1.4
The bolts are satisfactory.
(c) Column flange
See Figure 13.19(d) and Section 13.3.8. The yield line analysis gives:

272.5 x10° x 80
8

=4m X679 -m x 22 (1 + 0.62)

N m X 80 22 x 0.78
31.6 2

= 416.8 m
m = 6537.9 Nmm/mm

4 X 6537.9\os
t={— = 9,75 mm
275

The flange thickness 11.2 mm is adequate. The rafter end plate can be
made 12 mm thick.

(d) Column web shear

F, = 0.6 x 275 x 402.3 X 6.9/10% = 458.8 kN
> 272.8 kN Satisfactory

A similar design procedure is carried out for the ridge joint.

(11) Comments
(a) Wind uplift

The rafters on portals with low roof angles and light roof dead loads
require checking for reverse bending due to wind uplift. Restraints to
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inside flanges near the ridge are needed to stabilize the rafter. Joints
must also be checked for reverse moments.

The portal designed above has a relatively high roof angle and heavy
roof dead load. Checks forload, —1.4 X wind + 1.0 x dead, for wind
angles 0° and 90° show that the frame remainsin the elastic range and the
rafter is stable without adding further restraints. See Figure 13.13.

(b) Eaves joint design

In designing the joint, the effect of axial load is usually ignored, and the
bolts are sized to resist moment only. In the above case M = 180.8 kN,
and the bolt tension 7 = 75.3 kN<110 kN. The shear is taken by the
bottom two bolts.

13.4 Further reading for portal design

rrastr, D. J., “Effective Lengths in Gable Frames, Sway not Prevented'. Civil Engineering
Transactions, Institution of Engineers, Australia CE 22, No. 3, 1980

rraskRr, D. 1., *Stability of Pitched Roof Frames'. Civil Engineering Transactions, Institution of
Engineers, Australia CE28. No. 1, 1986

norne, M. R.. Plastic Theory of Structures, Nelson, London. 1971

norne. M. R, and morris., L. J., Plastic Design of Low Rise Frames, Collins, London, 1981
MACGINLEY. T. J.. Reinforced Concrete — Design Theory and Examples. E & FN Spon,
London. 1978

STEEL DESIGNERS MANUAL. Crosby Lockwood, London, 1972

Steelwork Design Guide to BS 5950: Part , Volume 1, Section Properties. Member Capucities,
The Steel Construction Institute, Ascot, 1987

Steelwork Design Guide to BS 5950: Part 1, volume 2, Worked Examples, The Steel
Construction [nstitute, Ascet, 1986
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Angle
purlin, 125
sheeting rails, 131
sheeting rails design, 127, 128, 130
tension members, 179
Angle struts
limiting proportions, 270

Base plates
design, 244
thickness, 245, 249, 260
Beam columns
code design procedure, 210
design example, 211
general behaviour, 205
local capacity check, 210, 212
moment capacity, 208
overall buckling check, 211, 212
short column failure, 208
slender column failure, 209
Beams
behaviour in bending, 72
bending about two axes, 96
bending stresses, 67
biaxial bending, 69, 73, 80
code design procedure, 78
connections, 84
conservative design approach, 80
cross-section classification, 67
design examples, 89
effective length, 76
end shear connections, 86
lateral torsional buckling, 74
loads, 65, 66
local capacity check, 81
moment capacity, 68
overall buckling check, 81
sections, 14
types and uses, 64
uniaxial bending, 67, 72
with unrestrained compression flange, 94
Bearing
resistance of beam webs, 86
web and bracket, 86

Bending
asymmetrical sections, 71
strengths for beams, 79, 110
Bolted joints
direct shear and tension, 30, 32
eccentric connections, 30
example bracket type, 37
examples, 35
failure modes, 27
in direct shear, 26
in direct tension, 28
prying forces, 28

Bolts

designating and dimensioning, 342
drilling tolerances, 342
friction-grip, 39

holding down, 244

in clearance holes, 28

in tension, 29

load capacity table, 29
ordinary, 25

single and double shear, 26
spacing, 26

specification, 341

tension capacity, 28

Bracing

design example, 291, 295

for buildings, 289

for multi-storey building, 290

for single-storey industrial building, 289
for wall, 295

general considerations, 289
longitudinal, 299

members design, 290

transverse, 297

Buckling

parameter, 79, 109

resistance moment, 80, 108, 110, 243
resistance of beam webs, 84

types of, 85

Buildings

common types of steel buildings, 2
factory, 2

multi-storey, 2, 186

multi-storey, framing plans, 296
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single storey, 1
steel frame, 1
Built-up columns
cross-sections classification, 200
design, 200
example, 201

Cased columns
buckling resistance, 222, 223
capacity check, 221, 223
compression resistance, 203
design example, 222
design requirements, 203
example, 204
with axial load and moment, 221
Code of practice
dead and imposed loads, 6
hot rolled section, 12
steel design, 6
weldable structural steel, 6
wind loads, 6
Column bases
design example, 248
design strength, 244
eccentrically loaded, 247
elastic analysis, 256
gusseted, 250
example, 251
types and loads, 243
Columns
construction details, 185
design, 196, 199
example, 197
for workshop, 314
eccentrically loaded, 213

moments in simple construction, 214

sections classification, 226
splices, 185
tests and design strengths, 193
Compound beams
buckling and bearing, 103
design, 99
design considerations, 97
design example, 100
flange plate curtailment, 99
moment capacity, 98
section classification, 98
Compression
resistance, 196
Compression members
axially loaded, 188
cross-section classification, 188
loads, 186
sections, 184
types and uses, 184
Compressive
strength, 202
Computer
aided drafting, 349
model of steel frame, 305
programs, 81
results for frame analysis, 310

Connections

beam to column, 42
bracket, 52, 53, 56
eccentric, 50
friction-grip bolts, 42
further consideration in design, 57
load paths and forces, 57
local stress check, 59
other design checks, 58
types of, 24

typical, 24

welded joints, 45

Constant

Perry, 193
Robertson, 193, 202

Corner columns

design example, 215

Crane

data, 304

surge, 237

surge loads, 241
wheel loads, 235, 240

Crane beams

biaxial bending check, 110
crane load data, 106
deflection, 118

design, 108

design example, 112
elastic properties, 116
loads, 106, 113

maximum wheel loads, 112
moment capacity, 110
plastic properties, 115
shear capacity, 110

types and uses, 105

Crane columns

design example, 238
design procedure, 237
loading, 234

types, 234

Crane loads

for steel workshop, 306

Deflection

at column cap, 228, 233, 243
crane columns, 238

limits, 21

of beams, 83

of crane beams, 111

of trusses, 268

portals, 376

Design

limit state, 5

methods, §

methods for buildings, 22
preliminary, 317

rigid, 22

semi-rigid, 22

simple, 22

structural, S



Design considerations
brittle fracture, 9
corrosion protection, 10
fatigue, 9
fire protection, 10
Detailing, 7
columns and bases, 347
for beams, 345
for plate girders, 346
of steelwork, 316
stellwork, 336
trusses and lattice girders, 348
Drawings
classification, 336
general recommendations, 337
preparation, 318

Effective lengths
for beams, 109
for compression chords, 270
of cased columns, 203
of columns, 194, 196, 227
of crane columns, 237
of portal members. 357
table for beams, 77
Elastic
design, 5
theory for beams, 67, 74
End post
design, 150, 159, 164
double stiffeners, 151
single end plate, 151
Equivalent
slenderness, 79, 80, 213
uniform moment, 78
Friction-grip bolts
connection examples, 42
design procedure, 40
general consideration, 39
in combined shear and tension,
41
in shear, 40
in tension only, 41
load capacity table, 42

Holding down bolts
design strength, 244
tension in bolts, example, 257

Index
monosymmetry, 110
torsional, 79, 109

Joints in portals, 377
eaves joint, 377
ridge joint. 379

Lateral

restraints, 76

torsional buckling, 74, 108
Limit states

deflection, 21

Index 395

design principles, 17
serviceability, 18
stability, 20
steel design, 17
ultimate, 17

Load factors
overall, 19

Loads
application on trusses, 267
dead, 18, 197, 224, 229, 238,
266
dynamic, 19
factored, 19
imposed, 18, 197, 224, 229,
238, 266
national horizontal loads, 231
serviceability, 21
wind, 18, 187, 224, 229, 230,
237, 240, 266, 277, 291, 295
working, 18

Microcomputer
applications, 317
general aspects, 319

Modulus
of elasticity, 22
shear, 22

Plans
grids and marking, 340
Plastic
analysis of portals. 367
cross-section, 67
design, 5
design of portals, 367
theory for beams, 72
theory for shear in beams, 81,
83
Plate girders
behaviour of, 138
connections and splices, 137
cross-sections classification, 142
depth and flange breadth, 136
design drawing, 160, 167
design example, 153
design to BS 5950, 142
flange to web welds, 153
loads, 137
moment capacity, 143
optimum depth, 144
stresses, 138
uses and construction, 135
web design, 145, 155, 161
Plates
elastic buckling, 138
in compression, 141
in edge bending, 141
in shear, 141
post buckling strength, 140
Pocket bases
design example, 262
design theory, 261
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Portal, 353
code provisions, 356, 367
column design, 359
column stability, 373
construction, 353
effective lengths, 357
elastic design, 356
elastic example, 360
foundations, 355
plastic analysis, 367
plastic design, 367
plastic example. 380
rafter design, 360
rafter stability, 374
restraints, 373
Program
disclaimer, 334
for column base design, 330
for column design, 326
for steel beam design, 320
sample run for column design,
329
sample run of column base,
333
sample run of steel beam, 324
source listing, 322, 326, 331
writing considerations, 319
Purlins
cold rolled, 123
design examples, 125
design to BS 5950, 123
for flat roof, 121, 125
for slooping roof, 121
in steel workshop, 303
loading, 120
types and uses, 120

Roof
purlins, 120
trusses, 171
bracing, 293

Shear
in beams, 81
reduced moment capacity, 83
web area, 83
Sheeting rails
arrangement, 127
cold rolled, 129
design examples, 130
empirical design, 132
loading, 127
types and uses, 127
Side columns
design example, 228
design procedure, 226
in industrial building, 223
local capacity check, 232
overall buckling check, 233
Slab base
axially located, 245
axially loaded, example, 246

Slenderness
factor, 78, 79, 110
limiting, 202
modified, 110
modifying factors, 109
ratio, 109, 190, 196, 209
unstiffened web, 86
Stability for portals
column stability, 373
rafter stability, 374
sway stability, 372
Steel
sections, 338
sections classification for
columns, 226
stress-strain diagrams, 8
structural properties, 8
Steel sections
asymmetrical sections, 70
built-up sections, 13
cold rolled sections, 13
compound sections, 12
limiting proportions, 68, 188
properties, 14
rolled and formed sections, 11
unsymmetrical, 74
Stiffeners
bearing resistance, 149
buckling check, 148
buckling resistance, 148
design, 146
intermediate, 147, 157, 163
load bearing, 146, 148, 158,
164
minimum stiffness, 147
spacing, 145, 147
Strength
compressive, 193
factor, 22
for steel in design, 22
of material for design, 21
Stresses
beams bending, 67, 69, 70, 71,
73
bearing, 86
buckling, 85
plate girder, 138
reduction factor, 202
residual, 192
shear, 81, 82
tension ans moment, 174, 175
Structural
analysis, 317
element, 4
integrity, 20
Struts
basic theory, 189
behaviour and strength, 192
eccentrically loaded, 192
in trusses, 269
slenderness, 269
with initial curvature, 191



Tension field action
for web under shear, 142
web plate design, 161
Tension members
axially loaded, 179
design considerations, 172
design examples, 181
effective area, 180
end connections, 173
structural behaviour, 174
uses and types, 171
with moments, 180
Ties
effective area, 272
Torsion
joint, 50
Torsional
consant, 109
index, 79, 109
restraints, 76
Trusses
analyses, 278
analysis, 267
chords with moment, 272
connections, 273
dead and imposed loads, 306
deflection of, 268
for industrial building, 275
joints, design, 274
loads, 276
loads on, 266
members design, 269, 282, 313
members with reversal of load,
272
redundant and cross-braced,
269
rigid jointed, 268
types and uses, 265
Types, 353
stability for portals, 373
column stability, 373
rafter stability, 374
sway stability, 372

Index

Web

bearing resistance, 86
buckling and bearing, 104, 111, 118
buckling resistance, 84

Welded joints

bracket connections, 56
direct shear connection, 53
examples, 53

torsion connection, 55

Welding

process, 45
types of welds, 45

Welds

-

cracks and deflects, 46
design of butt welds, 49
design of fillet welds, 47
design strength, 48

fillet and butt welds, 46, 343
strength of fillet welds, 49
symbols, 344

test, 47
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Wind loads, 18, 187, 224, 228, 230, 237, 240,

291, 295
data, 304
force coefficients, 297
on roof truss, 277
on steel frame, 307, 309

Wind pressure

coefficients, 308
dynamic, 308
on roof and walls, 308

Workshop steelwork

basic design loading, 303
computer analysis, 304
design example, 302
frame arrangement, 302
members design, 313
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